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Abstract

A study incorporating experimental and analytical investigations was
performed. The objective of the experimental research was to evaluate the
seismic performance of reinforced concrete bridge columns with structural
flares and a steel jacket retrofit design for these columns. The objectives of
the analytical portion of the study were to: 1} explain the behavior of the
 column observed during testing, 2) evaluate the validity of the analytical
methods by comparing the calculated results to the measured data, and 3)
assess the effect of the steel jacket retrofit by comparing experimental data
from as-built and retrofitted test specimens.

- The prototype column was from a viaduct located on U.S. 395 in
Reno, Nevada. It was designed in 1979 in accordance with the 1977
AASHTO Standard Specifications and the 1978 Interim Specifications. Two
thirty-percent scale models were constructed and dynamically tested on one
of the shake tables at the University of Nevada, Reno. One specimen
represented the as-built_details and one was outfitted with a steel jacket
incorporating an intermediate gap. The two columns were subjected to the
Sylmar record of the January 17, 1994 Northridge earthquake. The testing
program consisted of multiple motions with gradually increasing intensity of
shaking. Testing was performed in the strong direction under nominally
constant axial load.

The analysis included: estimating lateral load-deflection relationships,
calculating displacement histories and hysteretic responses, and performing
a shear analysis using various methods of calculating shear capacity. Also,
tie bar strains and other aspects of column behavior observed in the as-built
and retrofitted specimens during testing were compared and discussed.

iii






TABLE OF CONTENTS

- SECTION ‘ o PAGE
CHAPTER 1: INTRODUCTION
1.1 Background........c..cooevviinneninnnanns SR |
1.2 Previous Studies..........ccceeeeenns et rreeseaaniereseseisearearacaeearrararannenannn 2
1.2.1 Confinement.......ccoevvevcriiininenniannnnn. s v erreesrraiae e ens 2
1.2.2 Effects of Flares on Reinforced Concrete Bridge Columns......... 3
1.3 Objective and SCOPE........ciivioiiiiii i et e 5
CHAPTER 2: EXPERIMENTAL METHOD AND TEST SETUP '
2.1 Introductory REIMIAIKS cvvn e e eeeeineeereesssenseannssasnernseennseasesennssrens 7
2.2 Selection of Test SPeCIMENS. ..ottt .7
2.3 Design and Details of Shake Table Specimens............c.cccveeeeecnnces 8
20 T N oFo (V1211 T Ot 8
2.3.2 FOOtING. . erveneiemeeeeeraeeeeenenasnearanaaneeraraanns ereranes eveererra 11
b T B = 1= 4 ) | PN 11
2.4 Materials and Construction...........cccccvieviniannee. PP 13
2.5 Instrumentation and Data Collection.........coveiiiiiiiiiiiiiiiiiiiiininnn 14
2.6 Test Setup and Procedure...........coovieeiviviiieinnieeieniniiieeerenenenenen 15
CHAPTER 3: EXPERIMENTAL RESULTS ' '
3.1 Introductory Remarks..............civiininnnnn. e avereneteseseennreeaaananas 17
3.2 Shake TaD e iiiiriiei it it ettriia e reataeiar e nraansssatanssonssansrnns 17
3.3 Summary of Test Results for Static Tests.........c.oovvvviiiiieiiniinnn 19
3.3.1 As-Built Specimen.........ccoovvieiniiniiiicniienene, nemnarmereesssereeienane 19
3.3.2 Retrofitted SpPeCiMeN...c.ceiiiiiiiiiitir e cnirenretriacrensareeanaa 20
3.4 Specimen FA: As-Built............ e tereteen e rieern e r i e rraaas 21
3.4.1 General Observations......c.cvevvirvrvenineeraennrenenns e —— 21
B4, 2 FOTCRS e neeeeneeeeeeeeee e emn sttt seessearaererseaesnnsrnteessnessennansans 21
3.4.3 DisplaCeMEeNTS..couoiuiieiieinriiiiiii ettt ce et e s r e 22
i I B 0.1 (- 1 2 1- T O PO 23
B 4.5 CUNVALUIBS e eitieeeirerecnsetiianarraannssesastertsnnseinesensenssassssnssans 24
3.5 Specimen FR: Retrofitted.......... e et ieeteaeearttenrasertr e aaernas 25
3.5.1 General ObServations. . .c.uvvieeiiieiiiaiaeirciirrancenaaerisiasssraasaenss 25
3.5, 2 FOICES e uuuinininienieneeetaeaeattebensaasesetesastasraansensnsnnansannannannns 25
3.5.3 DisSPlacemMeNTS. .. uvreiaierraar e iaaraereariananrae st tasaraat e reanes 26
3.5.4 Strains................ e et eeerifaiesiessietaetrenraatenetesaaeatrarneeisann 27
B.5.5 CUMNVATUIES e eveeneeceeieneeieensesieenesesnseaeenessesnssererssranrnsensensi 28
3.6 Concluding Remarks. ..o e cciiiiiiiiiiriit e nas 28
CHAPTER 4: ANALYSIS OF TEST RESULTS
4.1 Introductory Remarks........... et eeeteeeaseeestatseteerenranesreaenatasararanrrnis 31
4.2 Analysis of Specimen FA. ...t 31
4.2.1 Effect of Strain Rate..ccveerririiciiia it crn e st e nen e nes 31

4.2.2 Effect of Axial Load Variation.......oeeuiiiieiiiieiinirrinreeemaeeeaenaas 32

v



4.2.3 Load-Deflection ENvelopes.......ccoiiviniiiiiii i 32

4.2.3.1 Analytical Methods............cccoovneanees R 1.3
4. 2. 3.2 RESUMS . .ottt et et e aaeaan 37
4.2.4 Displacement Histories.......coccovviiiiiiviiiniiiinin e, 38
4.2.5 HySteresis LOODS uoiuuiiuieeeeeieineiineesriearemeeeeaeeneensetnsenennsensenes 39
4.2.6 Shear Capacity....cccccvvvvvvreiiririnennnns e reteeeeeeeateieaietreeraeeanns 39
4.3 Analysis of Specimen FR......... et atiieemeecsesrnerreteetaneieontntaennarennons 43
4.3.1 Effect of Strain Rate.....c.coviiiiiiiiiiiicir e, ... 43
4.3.2 Effect of Axial Load Variation.........cocceeiiviiiiiciiinrnnnniininas ....44
4.3.3 Load-Deflection ENVEIOPES....ccocevvvveueeeeeeeeeeeeesvevaronns CURTRUT 44
4.3.3.1 Analytical Methods............ccciiiiiiiiiinii v, 44
4.3.3.2 ReSUIS. .ttt et s e e en s 47
4.3.4 Displacement Histories. ..ouveiveiiiiiieniirciieriiiiiieitssensencnsenssnns 47
4.3.5 Hysteresis Loops................. eeertentiaeererenrans et eeereneanerarara 48
4.3.6 Shear Capacity......ccoeiiviiiiiiieiiii e e 49
t 4.4 Effect of Steel Jacket.......oooiiiiiiiiiiciiii i cie e e senenaan 50
4.5 Concluding Remarks. ... ..ot e reersreatcai s naas 52
CHAPTER 5: SUMMARY AND CONCLUSIONS _
5.1 Summary............ et r e eeteeteeiee e ——ereeesiitteeeiaereseannnernaaeeseees 53
5.2 CONCIUSIONS. ..euernniieteneiitiertnirserersneresnestersansesseannsnnaerennaaesnnseens 54
5.3 Recommendations............evvvernmeeueeenneeene e ereeb e 56
REFERENCES..... .o it r i erivisme v enanen e resresae s ianens eteteerenanenee .59
2 =1 I8 U 63

FIGURES . ...ttt et e et et v v e et v asnsasaa s aba e enen 77



LIST OF TABLES

TABLE ‘ L PAGE
2-1 Tensile Properties of Steel.....ccccviiiii i 65
- 2-2 Measured Compressive Properties of Concrete....................... veees.. BB
2-3 Testing Program.......ccvieiiiuieniireni st 65
3-1 Peak ACCElIEIBLIONS..occuirirrivrrrieirremcenaseersascnernsaensnirresens FUT— 66
3-2 Peak “Effective” Accelerations...........oooooieiiiiiiiiiiinniiienens 66
3-3 Frequency Analysis over Course of Testing......c.ceeeeeeeeimimiminennnn.. 67
3-4 Peak Strains {Specimen FA, longitudinal)......c.cccoomiiiiiiiiiiniinn, 68
3-5 Peak Strains (Specimen FA, transSverse)...o..cccevevevvinriiniiiiianennnnn.. 69
3-6 Peak Strains (Specimen FR, longitudinal)......cccoviiiiiiiiiiiiinn .70
3-7 Peak Strains (Sbecimen FR, transverse)........ ereeetsteseeaunisseesartetieens 71
3-8 Peak Strains {Specimen Fr, jacket)....... ettt r et e s ian i e rrarareras v 72
4-1 Measured Peak Strain Rates and Corresponding Increases in Material
118 01270 11 TR PO TP OTUUUTPPPPP PP PPN 73
4-2 Components of Calculated Lateral Deflections for Specimen FA...... 73
4-3 Components of Calculated Lateral Deflections for Specimen FR...... .73
4-4 Shear Analysis of Specimen FA.................. e ererer e ————————————— 74
4-5 Shear Analysis of Specimen FR..........coeevivnereennn. aeereeeraiebaernraneens 74
4-6 Effectiveness of Steel Jacket as Longitudinal Reinforcement............ 75

vii






LIST OF FIGURES -
FIGURE . | PAGE

2-1 Prototype Column Detanls ...................... e e e reeeeereteaieeeiateaaans 79
2-2 Model Column Details.....covviiiiiiiiiiiieir s 80
2-3 Retrofit Details...........cccoeein il S P 81
2-4 Axial Load Apparatus and Setup........ccveveeeemeernrrreerraierineenerenseens 82
2-5 Footing Details...c.coiviieiiierciiiiii e e eertieereierareerereniaes 83
2-6 . Strain Gages on Longitudinal Reinforcement of Specimen FA......... 84
2-7 Strain Gages on Longitudinal Reinforcement of Specimen FR......... 85
2-8 Strain Gages on Transverse Reinforcement of Specimen FA.......... 86
2-9 Strain Gages on Transverse Reinforcement of Specimen FR............ 87
2-10 Strain Gages 0N STl JACKET.....coc.civvvreierermaieeerieenrmansaaaeeemeaaeaees 88
2-117 Test Setup.....ccvvveemnennane. e e teiestteeeneietreestereersenrneresanaasiaaantarnais 89
3-1 Original Sylmar RecOrd........ccc..oiiiivimmimiiieinieiint e reeeeien s 20
3-2 Target Table Accelerations, All RUNS .1 esveeveereerssneeseeeeesssneeesesessenns 91
3-3 Table Accelerations for RUn 4.....ccooeiiiiiiiiiiiii e s 92
3-4 Table Accelerations for Run 4, 2-8 SecC.....c..ccovvviiiiiiiiiiiinicieciinnnns 92
3-5 Table Accelerations for Runs 1-6..........cooiiiiiiiiin 93
3-6 Table Accelerations for Runs 7-10.............. e treert e enerraaanannaas 94
3-7 Spectral Accelerations for Run 4..........cooveiiieinninnn. eessscnesnenne 95
3-8 Spectral Accelerations for RUns 1-6......cceeeevieeririnrnnns e eeem——————— 96
3-9 Spectral Accelerations for Runs 7-10........... et treerreeereeeriiaeaaaans 97
3-10 Spectral Accelerations for Run 4, Link Accelerometer....... eeeiaen 98
3-11 Specimen FA, Run 2, Cracking........o.coiviiiiniinniinnne, 99
3-12 Specimen FA, Run 3, Spalling............... SOt 99
3-13 Specimen FA, After Testing......ccccornveiiiiiiiiiinnnn e 100
3-14 Specimen FA, After Testing.......cc.ccoivviiiiennenne S, 100
3-15 Lateral Loading History for Specimen FA..........ccciiiiiiiiieinnanan, 101
'3-16 Axial History for Specimen FA.............. e e rieieiedteeararanaeeaenaanns 102
3-17 Displacement History for Specimen FA, Ait Runs............... cvreereens .103
3-18 Displacement History, Specimen FA, Runs 1-6...............coiennnin. 104
3-19 Displacement History, Specimen FA, Run 7........cociiiiiinini, 105
3-20 Hysteresis Loops, Specimen FA, Runs 1-6....... eeeeenearraeaes vreeene 106
3-21 Hysteresis Loop, Specimen FA, Run 7......covmoiiiiiiiiiiinn 107
3-22 Hysteresis Envelope for Specimen FA.........ccooiviiiiiiiiin e, 108
3-23 Measured Tensile Strain Envelope for Extreme East Layer, Longitudinal

0 0= TR L > T PP .109
3.24 Measured Compressive Strain Envelope for Extreme East Layer,

Longitudinal Steel in FA....... veerteneaesnaasententantarenaientorannsnanasansanss 109
3.25 Measured Tensile Strain Envelope for Extreme West Layer,

Longitudinal Steel in FA......cccocoiiiiiiiiiiiiire e, 110
3-26 Measured Compressive Strain Envelope for Extreme West Layer,

Longitudinal Steel in FA........oiiiiii 111



3-27 Strain History for SG7, Extreme East Long. Bar, 279 mm Above

Footing in FA L e PO I B
3-28 Measured Tensile Strain Envelope for Crossties in FA.....ccccueee..... 112
3-29 Measured Tensile Strain Envelope for Perimeter Ties in FA......... 112
3-30 Strain History for SG24, West Perimeter Tie, 660 mm Above Footing

Lo T o SR 113
3-31 Tie Bar Strains at 279 mm Above Footlng INFAL e 114
3-32 Tie Bar Strains at 533 mm Above Footing in FA...............ccceccevee. 114
3-33 Tie Bar Strains at 660 mm Above Footing in FA.......ccccovveeeveunnnnen 115
3-34 Tie Bar Strains at 800 mm Above Footing in FA.................. crenrens 115
3-35 Tie Bar Strains at 1092 mm Above Footingin FA..........ccceuvvnn... 116
3-36 Measured Curvature Envelope for Specimen FA........cccccvvveneennnnn.. 117
3-37 Specimen FR, Run 8, Cracking....c.ccciiiiiiiiiiiiiiiiiiii e isensiesensnnes 118
3-38 Specimen FR, RUN 8, SPalling.....ccouviceeeeiiorieeesreeeeeneeneenseneennennns 118
3-39 Specimen FR, After Testing, Bar Fractures............ccceceeviiieiirecennes 119
:3-40 Specimen FR, After Testing, Jacket REMOVEd........eceuiioerenenerennnn.t 119
3-41 Specimen FR, After Testing, Jacket Removed............ eeresresiesnaes 120
3-42 Lateral Loading, History for Specimen FR.......c.ccuveeevnerneeeennn. rereen 121
3-43 Axial History for Specimen FR........cociiiiiiiiciiiriiirenerevnnsenns ereranes 122
3-44 Displacement History for Specimen FR, All RUNS.....ccceeeeevereeernrenns 123
3-45 Displacement History, Specimen FR, RUNS 1-6....c.vcvvvvriinevinenennenns 124
3-46 Displacement History, Specimen FR, Runs 7-10....... J 125
3-47 Hysteresis Loops, Specimen FR, Runs1-6................... eeeresanarasies 126
3-48 Hysteresis Loops, Specimen FR, RUNS 7-10.....coiiiiiiiiieiiiirnenenns 127
3-49 Hysteresis Envelope for Specimen FR......cvvoivieviviereeeciseecnrssncranens 128
3-50 Measured Tensile Strain Envelope for Extreme East Layer,

Longitudinal Steel in FR...cciiiiiiiii it i evee e eaenns 129
3-51 Measured Compressive Strain Envelope for Extreme East Layer, 7

Longitudinal Steel in FR.. ...t ciier e isens s sennens 129
3-b2 Measured Tensile Strain Envelope for Extreme West Layer

Longitudinal Steel in FR....ccoiviiiiiiiiiii e iecieie e e rneeeineeenes. 130
3-53 Measured Compressive Strain Envelope for Extreme West Layer,

Longitudinal Steel in FR.....cviiiiiiiiii e eev v creeee e eees 130
3-54 Strain History for SG7, Extreme East Long -Bar, 279 mm Above

Footing in FR....oiiiiiiii i ettt e e e s eeeee e e eas 131
3-55 Measured Tensile Strain Envelope for Crossties in FR...... eersaraninan 132
3-56 Measured Tensile Strain Envelope for Perimeter Ties in FR............ 132
3-57 Strain History for SG24, West Perimeter Tie, 660 mm Above Footing
3-58 Tie Bar Strains at 279 mm Above Footing in FR......c.cc.cviiiviinnnann.. 134
3-59 Tie Bar Strains at 533 mm Above Footing in FR.........ovviiiiviiiniinnns 134
3-60 Tie Bar Strains at 660 mm Above Footing in FR.......cccoviieiniiiannnn. 135
3-61 Tie Bar Strains at 800 mm Above Footing in FR......... eteeeereneeeanaes 135

X



3-62 Measured‘ Horizontal Tensile Strain Envelope for East Side of

Jacket.............. et ae e ateemmeeneeeetanereeie st g et ie e triesaas 136
3-63 Measured Horizontal Tensile Strain Envelope for West Side of
S JACKET. ..o erreraeeierreetiraran eres 136
3-64 Measured Horizontal Tensile Strain Envelope for North Side of }
Jacket......... Netevrennret st aanns ann ey antanaananesnena s anristsoreessreetnane 137
3-65 Measured Horizontal Tensile Strain Envelope for South Side of
' JACKEE - e envnrseerereereesnerssesssnenesnsaneneessneensannnrnasasasnssessnnsrasonnnss .. 137

3-66 Measured Vertical Tensile Strain Envelope for East Side of Jacket.. 138
3-67 Measured Vertical Tensile Strain Envelope for West Side of Jacket. 138

3-68 Measured Curvature Envelope for Specimen FR............................ 139
4-1 Axial Load-Moment Interaction for FA........... e eeeneeeeeerenaserietnetinans 140
4-2 Axial Load-Moment Interaction for FA.......ccooiiiiiiiiiiiinns 140
4-3 Moment-Curvature Analysis for FA.......ccooiiiiiiiiiiiiiicineens 141
4-4 Flexural Capacity for FA....... et iertereatetditerresrennaeaanerannaraarreanran 142
4-5 Moment Curvature Analysis at 635 mm for FA......................L 143
4-6 Predicted Curvature Envelope for FA at Yield....cocovvvieiiiniivenannnnnnn, 144
4-7 Predicted Curvature Envelope for FA at Uitimate.......................... 144
4-8 Load-Deflection for FA......c.ivriiineiiiieciceieiecne i ieiscsinansenases 145
4-9 Load Deflection for FA............ccc.ocoomiiniinns eeveeeeateeanenaneeeeeeraeaan 145
4-10 Dlsplacement History for FA, RUNs 1-3.......oiriiiiiiiiiinine 146
4-11 Displacement History for FA, Runs 4-6.......... eereeetaeeaeteeraenerarraaas 147
4-12 Displacement History for FA, Run 7................... J PN 148
4-13 Hysteresis Loop for FA, Run 3 (measured}...........coeiiiiiiiiiiinn 149
4-14 Hysteresis Loop for FA, Run 3 (RC-Shake}......ccevvminvneeniiiiinii, 149
4-15 Hysteresis Loop for FA, Run 6 (measured).............ovveviinniiiiiie 150
4-16 Hysteresis Loop for FA, Run 6 (RC-Shake).........ccovevviiiinnniniiinn, 150
4-17 Axial Load-Moment Interaction for FR............coovvviviiiiiiiiiii, 151
4-18 Axial Load-Moment Interaction for FR.............cooiiiiiiiiiiiiiininiiiinnn, 151
4-19 Moment-Curvature Analysis for FR......cccoveeiiieiirniiiee e eannnns 152
4-20 Flexural Capacity for FR............. ittt et —aaas 153
4-21 Moment-Curvature Analysis at Gap for FR.........ovvevivvmroreeennennnnn. 154
4-22 Predicted Curvature Envelope for FRat Yield..............ccocooiiiinii 1556
4-23 Predicted Curvature Envelope for FR at Ultimate........cecvvvnienennnnnes 155
4-24 1L0ad-Deflection fOr FR......c.uciiieeiieiiiiereesensrrnrreensesnaaaraesarnssssnnnanes 156
4-25 Load-Deflection for FR......coviiviaiiiiiiiiieciii e crs i iiisnsesre e e 156
4-26 Displacement History for FR, Runs 1-3........coovviiiiiiniiniinn, 157
4-27 Displacement History for FR, Runs 4-6.............coiiiiiiininnnnnnn, 158
4-28 Displacement History for FR, Runs 7-9.......cociiiiriiiiiiiinninnn, 1569
4-29 Displacement History for FR, Run 10, 160
4-30 Hysteresis Loop for FR, Run 3 (measured)...........ooeiiiiiiiiinainn.. 161
4-31 Hysteresis Loop for FR, Run 3 (RC-Shake)...........ccoccciiiiiiniannnnn, 161

xi



4-32 Hysteresis Loop for FR, Run 6 (measured).....ccoooiviviiiiniiiaannaannns 162

4-33 Hysteresis Loop for FR, Run 6 (RC-Shake)........ v e tee e aa ey 162 .
4-34 Hysteresis Loop for FR, Run 9 (Measured).....c...ouueeeeeeereeseeesnnnennns 163

4-35 Hysteresis Loop for FR, RUN 9 (RC-Shakel...cceeiiiiieinenerorranensens 163

4-36 Cross Tie Strains at 279 mm Above Footing............... eererereeeees, 164

4-37 Perimeter Tie Strains at 279 mm Above FOOting.........ccoovvereeennenn.. 164

4-38 Cross Tie Strains at 533 mm Above FOOoting.........cccciviieiiiiireinennns 165

4-39 Perimeter Tie Strains at 533 mm Above Footing........ccccevvuenee... ...165

4-40 Cross Tie Strains at 660 mm Above Footing............c.ccvveeenee. PR 166

4-41 Perimeter Tie Strains at 660 mm Above Footing.........c.ccveuueen.. ... 166 .
4-42 Cross Tie Strains at 800 mm Above Footing............ eeeneeaans aeeeerens 167
4-43 Perimeter Tie Strains at 800 mm Above Footing.......vccoviveeineninnens 167

4-44 Measured and ldealized Lateral Load-Deflection Envelopes............. 168
4-45 Effect of Added Confinement of Jacket on Moment-Curvature

Analysis at Gap for Specimen FR...c.co i eenens 169

xii



Chapter 1

Introduction

1.1 Background . '

One of the fundamental principles of contemporary seismic design
philosophy is that structures should not collapse even in severe
earthquakes. This requires that either the response of the structure remain
entirely elastic or that inelastic deformations occur without an associated
degradation of the ability to carry gravity loads. Since the dynamic forces
associated with an elastic response may be considerably higher than the
forces of an inelastic response, it is often uneconomical to design for the
elastic response. Consequently, structures are generally not designed to
remain elastic under severe loading conditions. Instead, structures are
typically designed for an inelastic response to severe loads. To assure that
the structure will maintain its strength under large inelastic deformations, a
ductile mode of failure is necessary. This requires proper detaahng of the
member in Wthh the plastic deformatlons will occur.

In bridges, the superstructure generally remains elastic under
earthquake loads and inelastic deformations are accommodated through the
formation of plastic hinges in the columns. = This is because the
superstructure design is controlled by gravity loads, and that the need to
accommodate traffic lanes leads to large superstructure cross sections with
high capacity. In reinforced concrete bridge columns, it is necessary to
provide relatively large ductilities without shear failure or significant
strength degradation. This is accomplished by providing adequate
confinement through lateral reinforcement in areas of expected plastic
hinging. When properly detailed, lateral confinement steel can provide high
concrete strain capacity, prevent premature buckling of main reinforcement,
and avert shear failure. When lateral reinforcement is insufficient, added
confinement and shear strength may be provided by a jacket.

- During the January 17, 1994 Northridge earthquake, several flared,
reinforced concrete bridge columns supporting the Mission-Gothic
undercrossing of SR-118 failed in a non-ductile shear mode. These columns
had parabolic flares over the upper part of the column. The column main
reinforcement was placed in a circular pattern inside a prismatic core and
extended over the entire height of the column. The flares were moderately
reinforced with longitudinal steel that terminated at the bottom of the flared
segment and were considered to be non-structural (architectural). Studies'?
conducted after the Northridge earthquake concluded that the flare actually



enhanced the flexural strength of the column in the flared region and
~consequently forced the plastic hinge to form outside of the flared segment.
This caused a reduction in the column shear span and an associated
increase in 'the shear demand. Additionally, the degradation of concrete
under inelastic cyclic loading reduced the shear capac_ity in the plastic hinge
region. This combination of factors resulted in a shear failure in the
columns.

After the Northridge earthquake revealed seismic performance

problems inherent in flared bridge columns, an assessment of the seismic
vulnerability of bridge columns with structurat flares in northern Nevada
was undertaken’. Subsequently, analytical®* and experimental®® studies
were performed. The experimental studies focused on verification and
remediation of the seismic performance problems. As-built and retrofitted
specimens were tested. '
The experimental research program presented in this paper followed
the two previous studies®® on the as-built and retrofitted behavior of flared
bridge columns. The previous program used slow, cyclic tests. The
program described in this document consisted of analyzing and dynamically
iesting one as-built specimen and one steel-jacketed specimen.

1.2 Previous Studies

A review of previous research regarding the effects of confinement
and flares on reinforced concrete columns was conducted in this study.
There is an abundance of studies in the literature documenting confinement
effects on the seismic behavior of reinforced concrete columns, in order to
avoid duplication only a limited selection is presented for this study. A
more extensive review can be found in Reference 5. There is a relatively
limited amount of research work in general, and experimental investigation
in particular, concerning the effects of flares on the seismic performance of
reinforced concrete bridge columns. The available research data on flared
columns are reviewed in this study in their entirety.

1.2.1 Confinement

There is an extensive amount of research on confinement and its
effects on ductility. In this document a summary of two selected studies
concerning the effect of confinement on ductility is presented. The first
study pertained to the behavior of columns provided with moderate
confinement in which four rectangular specimens were tested. The second



study included six circular specimens and evaluated the behavior of circular
reinforced concrete columns retrofitted with steel jackets.

Wehbe et al.® tested two groups of rectangular reinforced concrete
bridge columns; each group contained two specimens. The purpose of the
study was to determine the required amount of transverse reinforcement for
~ areas of moderate seismicity where ductility demand may not be as high as
in areas of high seismicity. The axial load and the amount of transverse
reinforcement were varied among the specimens. The first group contained
46 percent of the transverse steel required by the American Association of
State Highway and Transportation Officials {AASHTO}. The second group
contained 60 percent of that required by AASHTO. Within each group, the
axial loads were varied, representing typical values found in bridge columns.
For the first group, the axial foads were 0.10 f'cAg (where f'c = measured
concrete compressive strength and Ay = gross .cross-sectional area of the
section) and 0.24 f'.A,. For the second group the axial loads were 0.09
f'cAy and 0.23 f'cAq. It was found that the displacement ductilities of the
first group of columns were 5.2 and 5.3 depending on the axial load. The
disptacement ductilities of the second group ranged from 6.1 to 6.7, also
depending on the axial load. Equations were developed that related
confining steel to ductility. The study concluded that for areas of moderate
- seismicity, where ductility demand is less, a more practical and economical
design can be achieved by providing less confinement steel.

. Chai et al.” tested six circular reinforced concrete bridge columns.
The specimens were designed to incorporate deficiencies associated with
columns built prior to the 1970’s. One of the deficiencies addressed in the
study was short lap splices. Two of the specimens were constructed as
reference columns, and the remaining four represented different retrofit
‘designs using steel jackets. Results from the test data indicated that for
the retrofitted specimen with the inadequate lap splices, the jacket confined
the concrete and- was successful in allowing the lap-spliced bars to vield.
Failure occurred for this specimen at a displacement ductility of 7, and was
due to low-cycle fatigue in the main reinforcement.

1.2.2 Effects of Flares on Reinforced Concrete Bridge Columns

Prior to the Northridge earthquake of January 1994, research on
flared reinforced concrete columns was practically non-existent. Failure of
the flared columns supporting the Mission-Gothic undercrossing during the
earthquake instigated the study of such columns in order to evaluate their
seismic vulnerability and to find the cause of failure. Following the
Northridge earthquake, preliminary analytical studies were done by the



National Institute of Standards and Technology? (NIST) and the University of
California at San Diego' (UCSD) on the flared columns of the Mission-Gothic
undercrossing. Both studies generally agreed in their findings regarding the
cause of failure. They concluded that the flares did not spall as expected,
thus increasing the flexural capacity of the column flared segment. The
plastic hinge was forced to form at the bottom of the flares, causing a
reduction in the shear span. The shear failure scenario was presented in
section 1.1. : '

The first experimental research on the effects of flares was .
conducted by Sanchez et al.°. The test specimens represented 40 percent
scale models of two types of prototype bridge columns with architectural
flares. The first group consisted of four specimens representing the
Mission-Gothic flared columns. The second group was comprised of six
specimens representing a standard flared column type that is used in .
California. Both groups contained circular spirals of reinforcement with a
minimal amount of longitudinal reinforcement placed along the flare. Within
each group, one reference column representing the column core without the
- flares and at least one column representing the as-built condition were
tested. The remaining specimens were retrofitted versions of the as-built
columns. The experimental results from these tests confirmed the
analytical prediction that architectural flares increase the flexural capacity of
the column flared segment. 1t was concluded that an economical and
effective retrofitting scheme for columns with architectural flares would be
to separate the flare from the core at the bridge soffit. It was
recommended that the flare steel and concrete be cut to provide a 50-mm
vertical gap at the flare-soffit interface. The gap would extend through the
flare to the column. core and be filled with Styrofoam. The discontinuity -
between the flare and the soffit would eliminate the contribution of the
flare to the flexural strength.

Wehbe et al.? analytically investigated the behavior of four bridges
with flared columns in northern Nevada. The columns on these bridges had
structural flares with the main reinforcement extending into the flare. There
were two general types of reinforcement details incorporated in the
columns of these bridges. The first detail contained circular transverse
reinforcement along the core with additional main reinforcement extending
into the fiare.. The second detail had the main reinforcement extending into
the flare, with only rectilinear transverse reinforcement and no vertical steel
in the core. The “limit state” method of analysis was used to determine the
location of plastic hinges and the corresponding shear demands. It was
found that the columns detailed with the inner core reinforcement had



adequate shear capacity. The columns with only longitudinal reinforcement
extending into the flare did not possess adequate shear capacity.

The results of the analytical study on flared bridge columns in
" northern Nevada prompted an experimental investigation into the as-built
behavier of the .columns that were found to have inadequate shear
capacity. Two specimens representing the prototype as-built columns were
tested. The experimental results verified that the shear capacity was
inadequate. Although neither specimen failed in shear, the factor of safety
for shear failure was determined to be inadequate. Thus, a retrofit was
necessary.

Subsequently, a study by Caywood et al.® evaluated two potential
retrofit designs for these columns using steel jackets. Two coiumns
representing the prototype columns were retrofitted and tested. One
retrofit design incorporated a space filled with polystyrene between the
column and the jacket to reduce the passive confinement. The other design
had a horizontal gap along the height of the jacket creating a discontinuity.
Based on the experimental results the optimum design was the latter.
Additionally, it was analytically determined that changing the location of the
gap and thus controlling the plastlc hinge location could increase the
ductility.

1.3 Objective and Scope

The primary objective of this study was to evaluate: 1) the seismic
vulnerability of reinforced concrete bridge columns with structural flares and
2) a steel jacket seismic retrofit design of these columns. An experimental
study was conducted, in which two 30 percent scale specimens were
dynamically tested on one of the University of Nevada, Reno shake tables.
The prototype columns were from a viaduct located in Reno, Nevada. The
first specimen represented the as-built condition while the second was an
identical column retrofitted with a steel jacket. The as-built specimen
established the seismic response of the prototype columns and acted as a '
control with which to compare the retrofitted specimen. Representative
material properties and axial loads were used. The specimens were tested
in the strong direction because the loading would lead to higher shear
demand on the column. Some of the criteria used to judge the retrofit were
shear capacity, ductility, and ease of construction.

In addition to the experimental portion of the study, analytical studies
were performed to: 1) explain the behavior of the column observed during
testing, 2) evaluate the validity of the analytical procedures, and 3) assess



the effect of the steel jacket. The analysis included: estimating lateral load-
‘deflection relationships, calculating displacement histories and hysteretic
responses, and performing a shear analysis. :



Chapter 2
Experim'ental Method and Test Setup

2.1 Introductory Remarks

The purpose of this experimental study was twofold. The primary
purpose was to evaluate the seismic performance of as-built, flared bridge
columns from bridge 1-1250 located on U.S. 395 in Reno, Nevada and a
steel jacket retrofit of these columns using a state-of-the-art shake table.
The secondary purpose was to compare the results of these dynamic tests
to previous cyclic, quasi-static tests on models of the same flared bridge
columns®®, '

The purpose of this chapter is to describe: (1) the selection of the
test specimens, {2) the desigh and details of the test specimens, (3) the
materials and construction, (4) instrumentation and data collection, and {5)
the test setup and procedure. ' S

2.2 Selection of Test Specimens

This study was the third in a series of four studies conducted at the
University of Nevada, Reno on reinforced concrete bridge columns with
structural flares®®. The fourth study in the series is in progress. The
studies are in response to a request by the Nevada Department of
Transportation (NDOT). Because flared bridge columns have been used in
Nevada since the 1970’s, NDOT developed an interest after the January 17,
- 1994 Northridge earthquake revealed some seismic performance problems
inherent in flared bridge columns. During the Northridge earthquake,
several flared, reinforced concrete columns supporting the Mission-Gothic
undercrossing failed in non-ductile modes. Some columns suffered brittle
shear failures while others failed with limited ductility due to plastic hinges
forming at the start of the column flare rather than at the column top, thus
decreasing the column’s shear span and consequently increasing its shear
" demand. Also, shear capacity in the hinge zone was decreased by
degradation of concrete under inelastic cyclic loading.

Subsequently, an analytical study was done on the seismic
vulnerability of flared bridge columns in northern Nevada®. The study
concluded that columns detailed with inner core, vertical reinforcement in
addition to flare reinforcement have adequate shear capacity. However,
columns with all longitudinal reinforcement located along the flares and
none in the core do not possess sufficient shear strength and could fail in
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shear under large seismic loads. The study also identified material
overstrength as exacerbating the problem by increasing the shear demand
without a significant, corresponding increase in shear capacity.

Bridge 1-1250, designed in 1979-80, and constructed in 1980, was
identified as a prototype for this study. The bridge is in a moderate to high
seismic risk zone, and it incorporates structural flares in the columns.

There are a total of ninety-four columns in this bridge with either six
or seven columns per bent. The columns are fixed at the top and pinned at
the base with a two-way hinge detail. They are flared in the strong
direction and have a constant width in the weak direction, with the largest
sections being at the top. AIll the columns from this bridge are similar. The
differences are: their height and that the amount and distribution of
longitudinal steel varies among bents. The heights of the prototype
columns vary from 6096 mm to 7010 mm. The experimental studies
focused on the shortest columns, because with the shortest shear span
they would develop the largest shear forces in order to develop a plastic
- hinge. There are three different longitudinal steel configurations: low,
medium and high steel ratios (1.0, 1.4, and 1.8 percent at the largest
_ s'ection, respectively). The first two tests (References 1 and 2) focused on
the high and low steel ratios. Based on the test results, conclusions about
the medium steel ratio columns were determined. These two tests showed
the seismic performance of the columns with the low steel ratio to be
adequate. Therefore, this study was focused on the columns with the high
steel ratio. Two columns, one representing the as-built details and one
outfitted with a steel jacket retrofit were built and tested.

2.3 Design and Details of Shake Table Specimens

2.3.1 Column

The specimens that had been tested under quasi-static loads were of
40 percent scale. The scale of the models tested on the shake table had to
be reduced because of the limitation of the shake table. The goal was to
build and test the largest scale model possible, without exceeding the
capacity of the table. Forty percent, thirty-three percent, and thirty-one
percent scales were first considered and found to exceed certain limitations
of the shake table.

The method of arriving at the appropriate scale model involved
modeling the column seismic response using the non-linear, dynamic
simulation program RC-Shake®’. The idealized column was subjected to



several ground motions of record. The ground motion peak accelerations
were scaled up until the column reached an expected failure ductility
indicated by the prévious two tests. Then, several table parameters
including: table acceleration, actuator capacity, table displacement,
cumulative stroke, and table velocity were checked to ensure that the table
limitations had not been exceeded. Based on the analysis, it was decided
that the largest scale model of this column that could be tested to its full
capacity without exceeding the capacity of the table was thirty percent.

Before the RC-Shake analysis could be performed, an idealized load-
deflection relationship for the column had to be derived. Specifically, RC-
Shake required input' of the yield force and deflection, and the inelastic
slope beyond that. Since the flexural capacity varied along the height of
the column, determination of the critical section, and the associated yield
and ultimate forces, necessitated the evaluation of the theoretical moment-
curvature relationships at different cross-sections. Flexural demand and
capacity profiles atong the column height were found, and their point of
tangency corresponded to the critical section. The yield and ultimate forces
corresponding to that critical section were the yield and ultimate forces of
the column. See sections 4.2 and 4.3 for more details on this process.

Before the design of the test specimens began, details of the
prototype columns were considered (Fig. 2-1). In the prototype column, the
main reinforcement is placed along the flare only and consists of 44 ¢36
mm (#11) bars at the top of the column, reducing gradually to 24 ¢36 mm
(#11) bars within the non-flared segment. The longitudinal steel varies
between 1.79 percent at the top of the column to 2.13 percent for cross
sections located at 3.66 m from the top of the column. The lateral ties and
cross-ties consist of $13 mm (#4) bars placed at 102-mm vertical spacing
throughout the entire column height. However, the tie set arrangement
used in the upper 1.83-m flared segment has one cross tie in the short
direction more than the tie set arrangement used elsewhere in the column.

For ease of construction and testing, the specimens were constructed
and tested in an upside-down position, with the pinned connection at the
top and the fixed connection at the bottom. The columns were labeled FA
(flared, as-built) and FR (flared, retrofitted). Both columns had the same
dimensions (Fig. 2-2}. The only difference between the two models was
the retrofit (Fig. 2-3). The height from the top of the footing to the point of
lateral loading is 1778 mm, which corresponds to the scaled clear height of
the prototype columns. The top of the models is a pinned connection since
the prototype has a two-way hinge at the base. The flare is parabolic and
extends from the top of the footing to 1422 mm above the footing. The
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column width in the strong (flared) direction ranges from 711 mm at the
footing, to 400 mm at the termination of the flare. The width in the weak
direction is constant at 356 mm. '

There are four typical cross-sections along the height of the column
as indicated in Fig. 2-1. The differences among these sections are due to
the termination of transverse and longitudinal steel reinforcing bars. These
bar cutoffs correspond to the scaled locations in the prototype column.
There are also four typical cross-section for the retrofit. These are due to
fabrication of the jacket in four half-shells before welding. '

The size of the longitudinal reinforcement is $13 mm (#4). These
bars achieve the desired steel ratio of 1.8% at the largest section. Of the
four typical cross-sections shown Fig. 2-2, starting from the largest section
at top of the footing, there are 28, 24, 20, and 20 longitudinal bars in the
sections, respectively. The transverse reinforcement was scaled as closely
as possible to the prototype column. First, a ¢6 mm (#2) deformed bar
was tried but the spacing required to achieve the desired volumetric ratio
~ violated the six longitudinal bar diameter limit to avoid longitudinal bar
buckling. It was decided to use a $4.5 mm (7 gage) smooth wire. A 51-
mm spacing would achieve the desired volumetric ratio. Two issues had to
be addressed: (1) to find a supplier that could provide the wire with the
needed 414 MPa (Grade 60) yield strength, and (2} to account for the
smoothness of the wire in bonding. The first problem was solved by
obtaining 7 gage galvanized wire. The yield stress for the wire was in the
required strength range. The zinc galvanization was removed with a 0.1
Molar sodium hydroxide bath to expose the steel underneath, and,
therefore, more accurately model a steel-concrete bond rather than a zinc-
concrete bond. The second issue, the development length arising from the
smoothness of the wire was dealt with by increasing the cross tie lap
length (Fig. 2-2) and hook length {in terms of bar diameters) of the
prototype column by a factor to arrive at the lap and hook lengths (in terms
of bar diameters) for the scale model. References and guiding documents
to arrive at this factor were the 1963 ACi code'® (which directly took into
consideration bond strength) and a 1976 University of lllinois study'' on
bond stresses and pullout of smooth wire. As a result, the lap lengths were
increased from 36d» in the prototype to 45dv» in the model, and hook
extensions were increased from 18ds in the prototype to 22.6dw in the
model.

At the top of the column there is an integral concrete block for

applying the lateral and axial loads (Figs. 2-2 and 2-4). The mid-'height of
the block corresponds to the location of the pinned connection at the
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footing of the prototype columns. This is where the center of lateral
loading was applied. A steel l-beam was placed across the top of the
loading block to apply the axial load via two Dywidag prestressing bars.
Each bar was anchored at the top of the beam, passed through the footing,
and was attached to a coupler and plate that was anchored at the bottom
of the footing (Fig. 2-4}. ‘

2.3.2 Footing

Only the behavior of the column was of interest. Therefore, footing
damage was avoided by overdesigning the footing.

The footing dimensions were 2438 mm long by 1829 mm wide by
762 mm high (Figs. 2-2 and 2-5). There were both top and bottom mats of
steel consisting of ¢25 mm (#8) bars in both directions. For shear
reinforcement, there were vertical ¢9 mm (#3) cross ties at each.
intersection of the longitudinal reinforcement. To fix the footing to the
table, ten Dywidag prestressing bars were used. The bars were passed
through ¢$89 mm vertical holes in the footings aligned with the threaded
anchor holes of the table. '

2.3.3 Hetrofit

In designing the retrofit, the method and procedures established by
the author of the previous static test done on these columns were used®.
Shear strength, ductility, lateral load capacity, and constructability were
considered. -

A steel jacket retrofit was the only alternative considered in this
phase of the study. The steel jacket consists of two sections along the
height of the column; a top piece and a bottom piece, with a gap in
hetween. The gap prevents the jacket.from acting as longitudinal
reinforcement and increasing the flexural capacity of the column. The gap
location was chosen to coincide with the hinge location providing maximum
ductility as indicated by results that were verified in the previous static
tests®. The gap width was large enough to prevent closing of the gap
before failure and small enough to prevent longitudinal bar buckling.
Elliptical cross-sections were used because this shape follows most closely
the shape of the column. The jacket width in the weak direction is
constant, as is the column width. The jacket dimension in the strong
direction varies, as does the column dimension. The jacket was constructed
in four half-shells. The dimension in the strong direction varies linearly
along the height of each half-shell. Two of the four sections were weided
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to form two half-shells for the top portion of the retrofit and the remaining
two sections constituted the bottom portion. The half-shells were placed
around the column and welded along the height of the jacket on the non-
flared sides. The space between the jacket and the column face was filled
with grout. The grout thickness varies from 38 mm to 64 mm. Refer to
Fig. 2-3. '

The design of the jacket thickness was done according to the
provisions of the FHWA'? retrofit design method with an assumed crack
inclination, 8, of 45 degrees. The lateral load required to form a plastic
hinge at the gap was considered to be the column shear demand. A factor
of safety of two was applied to this value and it was then compared to the
shear capacity, Va, of the column at the hinge calculated as the sum of
the capacity of the column concrete and the transverse steel. This nominal
shear capacity, Vs, was calculated according to the provisions of the
California Department of Transportation (CALTRANS) method™. The
CALTRANS method was used because it addresses the reduced shear
capacity of concrete in the plastic hinge region. The shear capacity of the
steel is dependent on the area of the steel, the yield stress, the distance
from the extreme concrete compression fiber to the centroid of tension
reinforcement, and the spacing. Considered in the shear capacity of the
concrete is: the level of confinement, the applied compressive axial stress,
and the strength of the concrete. The thickness of the jacket was designed
to account for this deficit of column capacity as compared to demand. The
required jacket thickness was found to be less than 2 mm. However, the
logistics of fabrication, transportation, placement, and welding required a
larger, more practical thickness. A 3.2-mm jacket thickness was selected.
This corresponds to an approximately 11-mm jacket thickness in the
prototype column. ' '

An important consideration in this retrofit design is that the flexural
enhancement of the column be minimized. A significant increase in the
flexural capacity of the column could force the failure to occur in adjacent
members, including bridge superstructure and footings. Therefore, two
factors influencing flexural enhancement of the column are purposely
avoided in the retrofit design: increased cross-section and the jacket acting
as longitudinal steel reinforcement. These are both dealt with by making
the jacket discontinuous at the desired hinge location (i.e. a gap along the
height of the jacket). The center of the gap is located at 441 mm above
the footing and is 32-mm wide. The location of the gap corresponds to the
hinge location providing maximum ductility as indicated by the analysis
done as part of a previous study®. The gap width is sufficiently small to
prevent longitudinal bar buckling. '
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2.4 Materials and Construction

Materials used in the model columns were chosen to most accurately
match those of the prototype columns. The prototype columns have grade
60 steel for both longitudinal and transverse reinforcement. Tension tests
were performed on the steel prior to use in the models to verify that their
material properties corresponded to those of the prototype. The measured
average steel yield stress in the prototype columns was 484.0 MPa (with a
specified yield stress of 413.7 MPa). The results for the reinforcement in
the specimens are summarized in Table 2-1. The jacket was made from
A36 steel, commonly used in column retrof:ts Table 2-1 also lists the
measured properties of the stee! jacket.

Footings were cast separately from the column. A 28-day strength
of 34.5 MPa was specified with a maximum aggregate size of 13 mm. A
plasticizer was added to increase the workability. Standard 150 X 300 mm
cylmders were tested at 7 14, 21, and 28 days. The results are shown in
Table 2-2. ' :

The specified concrete strength of the prototype columns was 27.6
MPa and the measured average strength in 28 days was 40.3 MPa. The
columns and loading blocks for the models were cast monolithically. The
specified strength was 27.7 MPa and the measured strength on the day of
testing was 37.6 MPa and 39.6 MPa for the as-built (FA) and retrofitted
(FR) models, respectively. A maximum aggregate size of 9.5 mm was
specified because of congestion of reinforcement in the column. The mix
was done with warm water because of the winter conditions existing during
casting. A plasticizer was added to.increase the workability of the
~concrete. Standard 150 X 300 mm cylinders were taken and tested at 7,
14, 21, and 28 days as well as on the column test days. These values are
reported in Table 2-2, '

The steel jacket was ordered in half-shells. The half-shells were
placed around the column and welded on the flat sides. The top and
bottom openings of the jacket were sealed and the void between the
column face and the steel jacket was pressure-grouted through 25.4 mm
threaded holes on both sides near the tops of the jacket sections. The
grout strength was 65.0 MPa on test day.
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2.5 Instrumentation and Data Collection

Data from strain gages, displacement transducers, accelerometers,
and load celfs were recorded on a Pacific data collection system. The rate
of recording was set at 250 Hz.

Twenty-nine strain gages were used in specimen FA and forty-four in
specimen FR, to measure strain in the column longitudinal and transverse
reinforcement as well as in the steel jacket. The gages were manufactured
by Tokyo Sokki Kenkyujo Co., Ltd. of Japan. Three different types of
gages were used: 10 mm (YL-10-3L) on the longitudinal steel (Figs. 2-6 and
2-7), 2 mm (YFLA-2-3L) on the transverse steel {Figs. 2-8 and 2-9), and
both 10 mm unidirectional {YL-10-3L) and 10 mm rosette {YRS-10-5L} on
the jacket {Fig.2-10). Push and pull directions indicated on the figures refer
to the force applied by the link to the loading head. The locations shown
under different sections are measured from the top of the footing. A~
negative sign in the locations indicates gages installed below the top of the

footing to. monitor possible yield spread into the footing.

Ten novotechnik transducers, with a displacement range of +25.4
mm, were used to measure the curvature at five locations along the height
of specimen FA (Fig. 2-11). The top fayer of transducers was omitted from
the retrofitted column to allow for more of the available channels to be
used for strain gages on the steel jacket. Transducers were mounted on
9.5-mm threaded rods that ran horizontally through the column. On the
retrofitted specimen, 38-mm holes through the grout and jacket were
placed around the threaded rods to assure that the curvature of only the
core portion of the column and not the grout or jacket was being measured.

The lateral and axial loads applied to the column were measured in
different ways. The lateral load transmitted to the column was measured by
an accelerometer fixed to the link that connects the column to the mass rig
(Fig. 2-11). This acceleration was multiplied by the inertial mass on- the
other end of the link to determine the force. The axial load was measured
by two load cells placed between the vertical hydraulic actuators and the |-
beam (Fig. 2-4).

A displacement transducer attached to the top of the column (at the
center of the loading block) was used to measure the combined deflection
of the column and the table (Fig. 2-11). Table deflection, measured by a
displacement transducer internal to the table, was used to find column
deflection relative to the table.
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2.6 Test Setup and Procedure -

The columns were tested on a 4267 X 3658 mm shake table. The
lateral load was applied via a steel link attached to the loading block at the
top of the column and to four 89 kN concrete blocks used as inertial mass.
The blocks were situated atop a mechanism (referred to as the mass rig)
consisting of four steel beams attached to the floor with pin connections
and a platform to which the blocks are attached (Fig. 2-11}). '

After the specimen was tied down to the table and attached to the
mass rig, an axial load of 286.9 kN was applied through the vertical
actuators (Fig. 2-4). An accumulator was used in the hydraulic line to
minimize fluctuation of axial loads. The axial lopad was determined by
matching the axial load index (defined as the ratio of axial load to the
product of the cross-sectional area and the concrete compressive strength)
of the specimens to that of the prototype columns. The cross-sectional
areas of the columns ranged from 205 X 10° mm? at the base to 109 X 10°
mm? at the top. Based on measured concrete compressive strength, the
axial load index for the as-built specimen was 0.037 at the base and 0.070
at the top and, the axial load index for the retrofitted specimen was 0.035
at the base and 0.066 at the top. These indices corresponded very closely
to those of the prototype columns with the axial load calculated as the
tributary  weight of the bridge superstructure and the column weight.
Before application of the axial load, all instrument readings were set to zero.

The axial load and the inertial mass on the mass rig were not the
same. The inertial mass was increased to allow testing of the columns to
their full capacity. The axial load was 286.9 kN, the inertial mass {including
the effective mass of the mass rig) was 444.8 kN. Since the oscillating
mass {on the mass rig} was more than the tributary mass on the column
(axial load), the: natural period of vibration was longer than would be
expected had the oscillating mass and the tributary mass been identical.
The frequency content of the earthquake motion was adjusted to account
for this variation. The time scale of the motion was decreased by the ratio
- of the period of the scaled model (due to the mass on the mass rig) to the
period of the prototype column. If the inertial and axial masses had been
identical, the time scaling factor would be solely a function of the model
scale. That factor was 0.54. Due to the inertial and axial mass
discrepancy another time scaling factor had to be introduced. This factor
increased the time scaling of the input motion to account for the increase in
the model column period {due to increased oscillating mass). This value
was 1.245. The end result, the time scaling factor due to the combination
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of the model scale effect and to mass discrepancy effect {on the period)
was 0.672.

The test setup and procedure were identical for both columns.
Initially, a decision had to be made as to which ground motion would be
used. The field of prospective ground motions was narrowed down to two,
from a list of ten, in the process of finding the largest scale model that the
table could handle (Section 2.3). There were only two ground motions that
could fail the column without exceeding the capabilities of the table. They
were the Osa record of the Kobe, Japan 1995 earthquake and the Sylmar
record of the Northridge, California 1994 earthquake. The Sylmar record of
the Northridge earthquake was chosen because it is more representative of
earthquakes in the western United States.

The second consideration was to make a decision concerning
.the testing program in terms of the input motion intensity. The general
choices were to apply a strong earthquake record or to apply multiple
motions with gradually increasing intensity of shaking. The latter was
selected (Table 2-3}. This is not a sequence of ground motions that would
normally be expected to occur in nature; it was selected because the actual
ductility capacity of the specimen was uncertain, and motions with a fine
amplitude increment would allow for a more accurate determination of
column capacity. It was decided to initially subject the column to a one-
fifth scale version of the Sylmar record. This corresponded to a pre-yield
run as indicated by dynamic modeling. Next, a two-fifths version of the
earthquake was to be run, which corresponded to: flrst yielding in the
longitudinal bars. After that, a three-quarters version was run with
subsequent runs increasing by one-quarter (of the original full-scale motion)
until failure. See Table 2-3 for complete testing schedules of the two
specimens. Also, some quick-release tests consisting of pulling the column
with a cable to cause a small deflection then cutting the cable and
recording the free-vibration were performed. The purpose was to provide
some estimate of changes in column period and damping.
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Chapter 3
Experimental Results

3.1 'Introductory Remarks

_ _This chapter presents the experimental results for the as-built

specimen (FA} and the retrofitted specimen (FR}). The results for the test
specimens include: forces, displacements, strains, curvatures, and other
aspects of behavior observed during testing. Peak strains are tabulated for
all runs, and whenever possible figures for strains and curvatures are
presented as envelopes plotted along the height of the column to facilitate
visualization of the variation of these parameters. This chapter also
presents target and achieved shake table accelerations and acceleration
spectra. o

3.2 Shake Table

The specimens were subjected to earthquake records listed in Table
2-3. The original measured accelerations at Sylmar during the 1994
Northridge earthquake is shown in Fig. 3-1. Due to dynamic interaction
between the shake table and the test specimen, there are usually
differences between the achieved and target table accelerations.

Because the primary objective of the study was to compare the
response of the retrofitted and as-built specimens, it was important to
determine if the two specimens were subjected to similar demand.
Therefore, the target and achieved table acceleration records and spectra
were compared. '

Target table accelerations for all runs are shown in Fig. 3-2. Table
accelerations, in terms of target, achieved for Specimen FA, and achieved
for Specimen FR, for run 4 are presented in Fig. 3-3 as a representative
sample. A zoomed-in view is presented in Fig. 3-4. Accelerations for all
runs are shown in Figs. 3-56 and 3-6. Generally, the control system seems
" to have overcompensated for the dynamic interaction between the shake
table and the test specimen. Recorded peaks are generally higher than the
target peaks. This can be accounted for by considering two factors: 1) the
progressive damage incurred on the test specimens during testing and the
associated degradation of stiffness, and 2) the way in which the control
system compensates for the aforementioned dynamic interaction between
table and specimen. Prior to testing, the table was tuned to the column by
running ‘white noise’ {random, small amplitude accelerations). This allowed
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the control system of the table to adjust to the resistance that had to be
overcome in order to achieve the target accelerations. As the stiffness of
the column decreased over the course of testing, this resistance became
less. The control system was compensating based on the previous stiffness
of the column and accounted for more resistance to acceleration than was
actually encountered. Therefore, it typically overshot the peaks. '

Peak accelerations and peak “effective” accelerations are tabulated in
Tables 3-1 and 3-2, respectively. Peak “effective” acceleration is defined
as the peak acceleration from the table record multiplied by the ratio of the
inertial mass {concrete blocks and mass rig, 444.8 kN) to the tributary mass
corresponding to the axial load (286.9 kN). Although, in general, most of
the target accelerations were overshot by the table, the measured absolute
peak was often less than the target. This was the case fer all of the runs
for specimen FR; the measured accelerations were typically about eighty
percent of the target. For specimen FA, for the first two runs the peaks
were about ninety percent of target. Runs three and four were ninety-five
and ninety-seven percent of target, respectively. The peaks during the last
. three runs, five through seven, were greater than target. They increased
from eight percent above target for'run five, to fifteen percent above target
for run seven. Since, for the prototype column in the actual bridge, the
inertial mass and the tributary mass corresponding to the axial load were
the same, peak “effective” accelerations are a useful parameter relating the
experimental loading conditions of the model to the field conditions of the
prototype. Peak “effective” accelerations are simply the acceleration that
would be required to achieve a given inertial force had the inertial mass
been equal to the tributary mass. ' :

To further quantify the comparison between FA and FR, the
frequency content of the achieved input motions was analyzed using the
computer program Spect'. Spectral accelerations for run 4 are shown in
Fig. 3-7. Spectral accelerations for all runs are shown in Figs. 3-8 and 3-9.

Two estimates of the periods of both specimens during the course of
testing are shown in Table 3-3. Although the periods were not constant
within each run due to progressive damage incurred during testing, some
estimate of the effective period was necessary. By having an estimate of
the effective period of the column and the acceleration spectra of the
achieved input motions, an approximate comparison could be made
between loading demand for the two specimens. It was desired to subject
both columns to exactly the same input motion. However this is not
possible nor is it necessary. A comparison of the spectral accelerations
from the two achieved input motions for the relevant periods would give a
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quantifiable comparison of the two input motions. The two methods used
in period estimation are referred to as ‘Method A’ and ‘Method B’.  ‘Method
A’ is based on spectral acceleration data obtained from the computer
program Spect'*. Spectral analysis of the measured acceleration record at
the top of the column indicated a dominant period of the column. Figure 3-
10 shows a sample. The period for ‘Method B’ was found from the
achieved table acceleration spectra. The measured peak acceleration at the
top of the column was matched with the corresponding period on the
graph. :

From the spectral analysis (Figs. 3-8 and 3-9), it was seen that the
dominant period of the achieved acceleration records was nearly identical to
that of the target acceleration record. The dominant period of the target
motion was 0.2b seconds, similarly the dominant period of the achieved
motions was 0.25 seconds. Considering the spectral accelerations of the
"achieved motions in the vicinity of the relevant periods from Method B
(0.61 seconds to 0.68 seconds for specimen FA and 0.33 seconds to 0.65
seconds for specimen FR) the input motion was essentially the same for
both specimens. Run one is an exception to this where the spectral
. accelerations for FR were substantially iower than for FA,

3.3 Summary of Test Results for Static Tests

A secondary purpose of this study was to compare the resuits to
previous static tests done on the same prototype columns. The static tests
included a high steel ratio specimen (HS for as-built, high steet and R-HS for
retrofitted, high steel) and a low steel ratio specimen (LS for as-built, low
steel and R-LS for retrofitted, low steel). Only columns with high steel ratio
(HS and R-HS) pertain to this study. This section provides a brief summary
of the test results for the as-built and retrofitted columns {HS and R-HS)
that were tested under cyclic static loads at the University of Nevada,
Reno®®. Specimens HS and R-HS modeled the same prototype as was used
in this dynamic test, but their scale was forty percent as opposed to thirty
percent, which was the scale of the shake table specimens.

3.3.1 As-Built Specimen

The as-built specimen, called HS, exhibited wide and stable hysteretic
load-displacement ioops until failure. The yield deflection was 26.6 mm and
the ultimate deflection was 160 mm. From these values, the measured
displacement ductility factor was 6.0.

Spalling of concrete cover was observed and recorded to give an
indication of the heights and lengths of plastic hinging. Spalling initiated at
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740 mm above the footing. The spalling was well-spread at failure, and
ranged from 410 mm to 1300 mm above the footing. Failure occurred in
the area of plastic hinging and was due to longitudinal bar fracture caused
by low-cycle fatigue. The fracture occurred at 740 mm, '

The strains in the transverse steel of the as-built specimen remained
elastic until high displacements were applied. No ties vyielded up to a
displacement ductility of four » two ties yielded at py, = 5, and seven ties
vielded at p, = 6. All yielding of shear reinforcement occurred within the
observed plastic hinge region.

The shear cracks in the as-built specimen indicated the amount of
shear demand placed on the concrete. Although the specimen did not fail
in shear, the shear cracks in the plastic hinge region were profound.

3.3.2 Retrofitted Specimen

The retrofitted specimen, called R-HS, was identical to the as-built
specimen except that it was outfitted with a steel jacket that included a 38
mm gap centered at 762 mm above the footing. The location of the gap
was chosen such that the lateral load to cause flexural yielding was
minimum. The hysteretic load-displacement loops were stable until failure
at a displacement ductility of 6. The measured yield deflection was 26.7
mm and the ultimate deftection was 160 mm.

After testing and removal of the steel jacket plastic hinging was
observed to be confined to a relatively small area in the vicinity of the gap.
The spalling ranged from 710 mm to 890 mm and cne side and 680 mm to
890 mm on the other. As compared to the as-built specimen, the
placement of the jacket prevented shear damage. The strains in the
transverse steel of the retrofitted specimen were significantly lower than
those in the as-built specimen. The maximum strain in the transverse
reinforcement occurred at 737 mm above the footing and was 1900
microstrain, which is 87 percent of vielding. The failure occurred due to
longitudinal bar fracture.

Strains in the steel jacket remained essentially elastic, with one area
of localized yielding. A maximum horizontal strain of 1310 microstrain
occurired at 660 mm above the footing on the non-flared side, next to the
vertical weld. The maximum measured vertical strain was 881 microstrain
and occurred at the same location. These values correspond to 124 and 71
percent of yield, respectively. These maximum stresses occurred at 82.5
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mm below the gap in the jacket and seemed 10 be isolated to this location.
At other locations, horizontal and vertical strains were consistently tower.

3.4 Specimen FA: As-built
3.4.1 General Observations

During the first run flexural cracks were observed from 216 mm to
1181 mm above the footing (refer to Table 2-3}). During the second run
more flexural cracks were seen and they extended from 114 mm to 1334
mm (Fig. 3-11). Shear cracks began to appear from 2566 mm to 576 mm.
More flexural cracks were observed between 114 mm and 1334 mm after
run three. Aiso, during run three more shear cracks appeared ranging from
256 mm to 1168 mm. Some minimal spalling, at 457 mm and 558 mm,
began to occur on this run (Fig. 3-12). Significant spalling, as well as
‘propagation of flexura!l and shear cracks was observed after run four. Also,
after run four, a significant permanent offset of 24 mm was observed in the
westward direction. This side was the dominant compression side and
spalling of concrete cover had occurred from 394 mm to 737 mm above the
footing on this side. After run five, the permanent offset had increased to
40 mm. Spalling of concrete cover had begun to extend around the sides of
the column. Spalling continued and the permanent offset increased to 70
mm after run six. During run seven, the three extreme bars on the west
side of the column buckled and fractured. Figures 3-13 and 3-14 show the
column after failure. The fractures were at 394 mm, 419 mm, and 533
mm. In addition, four of the perimeter ties fractured due to longitudinal bar
buckling: at 483 mm, 533 mm, 584 mm, and 635 mm. Also, the hook of
the cross tie at 432 mm opened. Crushing of core concrete was also
observed during run seven, '

3.4.2 Forces

The lateral loading history for all runs, for specimen FA, is presented
in Fig. 3-15. These were the total forces taken as the combination of the
inertial forces and P-delta forces. Inertial forces were taken directly from
the link accelerometer readings and the effective inertial mass (mass rig and
inertial blocks). Since damping is a dynamic property it is implicitly included
in this force. However the P-delta force {due to geometrical properties of
the mass rig) is a function of absolute displacement and is not a dynamic
. parameter. :

So the inertial force, taken directly from the acceleration data, is
lower than the total force, which includes the P-delta effect. The force
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associated with the P-delta effect was calcuiated from geometrical
properties of the mass rig and the weight of the mass rig. Since the mass
rig was pinned at the base, any displacement from the vertical position
created an overturning moment that had to be resisted by a lateral force in
the column applied through the link {refer to Fig. 2-11}. Since the link was
rigid, the overturning moment applied to the mass rig was equal to the
product of the weight of the mass rig and the absolute displacement at the
top of the column. The resisting moment was equal to the product of the
force in the link and the moment arm from the pin connection at the base
of the mass rig to the pin connection at the ptatform supporting the inertial
mass. Equating the overturning and resisting moments yielded the P-delta
force applied through the link as a lateral force to the column. This P-delta
force combined with the dynamic force from the accelerometer on the link
comprised the total force. The P-delta force comprised 0.8%, 2.2%, 4.1%,
5.2%, 6.8%, 8.6%, and 13.6% of the total force for runs one through
seven, respectively.

The P-delta effect due to the axial load applied directly on the column
was neglected because the prestressing rod that applied the axial load
passed through a point near the mid-depth of the column critical section.

The total peak lateral force, including the P-delta effect, increased
steadily from 97.5 kN for run 1 to 262.9 kN for run four. The peak lateral
torce for all runs occurred during run four. The peak lateral force decreased
from 254.1 kN for run five to 200.4 kN recorded during run seven when
longitudinal bars buckled and fractured.

The axial forces are presented in Fig. 3-16. Prior to testing, an axial
load of 286.9 kN was applied. At high drift levels, however, the measured
axial load varied from 156.0 kN to 453.3 kN. An accumulator had been
connected to the hydraulic line for the actuators applying the axial load to
control the load fluctuation. However, this system was not sufficiently
responsive to rapid changes in displacements. The effect of this variation
will be discussed in more detail in Chapter 4.

3.4.3 Displacements

The displacement history for all runs for specimen FA is shown in Fig.
3-17. Displacement histories for each of the individual runs are presented
in Figs. 3-18 and 3-19. A permanent offset from the datum position of the
column top was observed after run three. It increased from 7 mm at the
end of run three to 67 mm at the end of run six. The offset increased to
nearly 200 mm at failure in run seven.
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Lateral load-displacement hysteresis relationships are shown in Figs.
3-20 and 3-21. Column behavior remained essentially in the elastic range
for the first two runs, and hysteretic energy dissipation began to occur in
run three. The outer curves indicated a relatively large dissipation of
energy. Lateral load-displacement envelopes are shown in Fig. 3-22. There
are two curves, referred to as coincident and non-coincident. Lateral loads
for both are the same. Displacements differ in the following way: the non-
coincident curve contains peak displacements for that run regardless of
when they occur during the run, while the coincident curve contains only
those displacements that occurred at the same instant in time when the
peak load occurred. As expected during small amplitude runs, the two
curves were the same. As more vyielding developed and strength
degradation occurred, the peak displacement increased beyond the
displacement that corresponded to the peak force. The coincident lateral
toad-deflection curve was used for the analysis.

3.4.4 Strains

‘ Measured peak strains for all the runs are tabulated in Tables 3-4 and
3-5. Strain gage numbers are marked in Figs. 2-6 and 2-8. Table 3-4 lists
data for the longitudinal reinforcement and Table 3-5 presents data for the
transverse reinforcement. The peak lateral force recorded during that run is
indicated along with the run number. Also, peak strains are indicated for
both tension and compression. A dash indicates that no data were
recorded for that particular run. Note that the yield strain was 2290
microstrain for longitudinal bars and 2240 microstrain for ties {(Table 2-1).
The strain value of 42,000 was a limit of the data acquisition system.

Measured tensile and compressive strain envelope profiles along the
height of the column for extreme fongitudinal bar layers are shown in Figs.
3-23 through 3-26. The gage at 533 mm, generally recorded the highest
strain for extreme longitudinal bars. Strain history for gage seven, located
on an extreme east longitudinal bar at 279 mm above the footing is shown
in Fig. 3-27. The strain history for this longitudinal bar provides some
measurement of the spread of yielding in longitudinal bars. It is on an
extreme layer of bars so yielding would be seen here first, as opposed to
other bar layers. The plot indicates that yielding at this location first
occurred in run two. By run four strains at this location were well over
10,000 microstrain, indicating that yielding was well-spread. This plot is in
agreement with the hysteresis loops shown in Figs. 3-20 and 3-21 in
supporting the assertion that yielding first began to occur during run two
and was well-spread by run four. Hysteretic energy dissipation was first
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observed beginning to occur during the same runs that significant yielding
was first observed to occur in the extreme longitudinal bar. As longitudinal
bar yielding became more extensive, hysteretic energy dissipation seen in
Figs. 3-20 and 3-21 became more pronounced.

Measured tensile strain envelopes for cross ties and perimeter ties are
shown in Figs. 3-28 and 3-29. Generally, the highest strains for lateral
steel were also recorded at the 533 mm level. The extremely high strains in
fun seven were due to the outward buckling of longitudinal bars. Even
during run six, several of the ties yielded. Strain history for gage twenty-
four, located on a perimeter tie at 660 mm above the footing is shown in
Fig. 3-30. The plot shows that the bar yieided in run four. Perimeter and _
cross tie bar strain envelopes plotted as a function of peak effective table
acceleration are shown in Figs. 3-31 through 3-35. Yielding occurred at the
following locations during the indicated runs: perimeter tie at 279 mm
above the footing (run six}, cross tie at 533 mm {run four), perimeter tie at
533 mm (run six), cross tie at 660 mm (run seven), perimeter tie at 660
mm {run three), perimeter tie at 800 mm (run seven), and cross tie at 1092
mm (run seven). Generally, a lag between strains in perimeter ties and
strains in cross ties was observed. This can be attributed to deterioration
of the concrete over the lap splice in the cross ties. The perimeter ties
registered high strains associated with high drifts, whereas the cross ties
experienced some bond slippage and had lower strains.

3.4.5 Curvatures

Average curvature was measured across the gage length and plotted
at the center of the gage length. This measured value was not necessarily
the curvature value at that specific location, rather it was the average
across the gage length.

The curvature envelopes along the height of the column are shown in
Fig. 3-36. The greatest curvatures were seen in the 584-737 span. This is
the span that included most of the plastic hinging as indicated by spalling of
concrete (see section 3.4.1). Run two corresponded to the onset of
yielding. Significant yielding and hysteretic energy dissipation began to
occur in run three. Also in run three, a significant concentration of
curvature developed in the 483-584 mm (above footing) and 584-737 mm
spans, indicating the formation of a plastic hinge. In runs four through
seven the greatest curvatures were concentrated in the 483-684 mm span.
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3.5 Specimen FR: Retrofitted
3.5.1 'General Observations

The stee! jacket precluded any observations about concrete cracking
or spalling being made during the course of testing, except where the
concrete was exposed at the gap. At the gap, flexural and shear cracks
were first observed after run eight (Fig. 3-37). Existing cracks were
highlighted by hand due to lack of clarity in the photograph. Also, first
spalling was observed after run eight {Fig. 3-38). Failure occurred after run
ten, and was due to longitudinal bar fracture at the gap (Fig. 3-39).
Fracture occurred in the fifteen bars in the seven easternmost layers of
longitudinal steel {from the extreme layer through the middle layer on the
non-flared side of the column). No buckling of longitudinal bars was
observed. Upon removal of the jacket (Figs. 3-40 and 3-41}, after testing,
spalling was observed to be very isolated to the vicinity of the gap. The gap
was from 425 mm to 457 mm above the footing, and spalling was
observed from 393 mm to 483 mm. There were flexural cracks from 64
mm to 1232 mm. Also, there was a concentration of shear cracks from
330 mm to 813 mm. Two shear cracks were seen extending from 891 mm
to the top of the column at 1461 mm.

3.5.2 Forces

The lateral loading history for ali the runs for specimen FR is
presented in Fig. 3-42. As for specimen FA, these forces were the total
forces taken as the combination of the inertial and P-delta forces. Inertial
forces were calcutated by multiplying the link accelerometer readings by the
effective inertial mass. This force is the dynamic force and is lower than
the total force derived from both the dynamic and geometric (P-deita}
forces. .

The force associated with the P-delta effect was calculated from
geometrical properties of the mass rig and the weight of the mass rig.
Since the mass rig was pinned at the base, any displacement from the
vertical position created an overturning moment that had to be resisted by a
lateral force in the column applied through the link (refer to Fig. 2-11).
Since the link was rigid, the overturning moment applied to the mass rig
was equal to the product of the weight of the mass rig and the absolute
displacement at the top of the column. The resisting moment was equal to
the product of the force in the link and the moment arm from the pin
connection at the base of the mass rig to the pin connection at the base of
the platform supporting the inertial mass. Equating the overturning and
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resisting’ moments yielded the P-delta force applied through the link as a
lateral force to the column, This P-delta force combined with the dynamic
force from the accelerometer on the link comprised the total force. The P-
delta force comprised 1.4%, 1.9%, 2.2%, 2.7%, 4.3%, 4.9%, 5.8%,
6.7%, 7.9%, and 10.4% of the total force for runs one through ten,
respectively.

As for specimen FA, the P-delta effect due to the axial load applied
directly on the column was neglected because the prestressing rod that
applied the axial load passed through a point near the mid-depth of the
column critical section.

The total peak lateral force, including the P-delta effect, increased
steadily from 103.0 kN recorded during run one to 359.0 kN recorded
during run six. The peak lateral force was recorded during run six. The
peak lateral force steadily decreased from 350.1 kN during run seven, to
284.7 kN during run ten when longitudinal bars fractured.

The axial forces are presented in Fig. 3-43. Specimen FR was also
subjected to an axial force of 286.9 kN prior to testing. However, as was
seen in specimen FA, at high drift levels, the axial load varied. The
measured variation was from 199.9 kN to 600.3 kN. The effect of this
variation will be discussed in more detail in Chapter 4.

3.5.3 Displacements

The disptacement history for all runs is presented in Fig. 3-44.
Displacement histories for each of the individual runs are presented in Figs.
3-45 and 3-46. A significant permanent offset was observed after run five.
It increased from about 10 mm at the end of run five to 73 mm at the end
of run nine. The offset increased to nearly 176 mm at failure in run ten.

Lateral load-displacement hysteresis relationships are shown in Figs.
3-47 and 3-48. Behavior remained essentially elastic for the first two runs,
and hysteretic energy dissipation began to occur in run three. Lateral load-
displacement envelopes are shown in Fig. 3-49. As with specimen FA,
there are two curves, referred to as coincident and non-coincident.
Explanations for coincident and non-coincident curves are the same as they
were for specimen FA. Lateral loads for both are the same. Displacements
differ in the following way: the non-coincident curve shows peak
displacements for that run regardless of when they occur during the run,
while the coincident curve contains only those displacements that occurred
at the same instant in time when the peak load occurred. As was seen
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with specimen FA, during small amplitude runs the curves were the same.
As more yielding developed and strength degradation occurred, the peak
displacement increased beyond the displacement that corresponded to the
peak force. '

3.5.4 Strains

Measured peak strains for afl the runs are tabulated in Tables 3-6, 3-
7, and 3-8. Strain gage numbers are marked in Figs. 2-7, 2-9, and 2-10.
Table 3-6 lists data for the longitudinal reinforcement, Table 3-7 presents
data for the transverse reinforcement, and Table 3-8 contains data for the
steel jacket. The peak lateral force recorded during that run is indicated
along with the run number. Also, peak strains are indicated for both
tension and compression. A dash indicates that no data was recorded for
that particular run. Note that the measured vyield strain was 2290
microstrain for longitudinal bars and 2240 microstrain for ties (Table 2-1)}.
The measured vyield strain for the jacket was 1920 microstrain.

Measured tensile and compressive strain envelope profiles along the
height of the column for extreme longitudinal bar layers are shown in Figs.
3-50 through 3-53. The entire strain history for strain gage seven {located
on the extreme longitudinal bar at 279 mm above the footing) is shown in
Fig. 3-54. As was indicated in section 3.4.4 for specimen FA this plot
provides some indication of the extent of yielding in the longitudinal bars.
Also, used in conjunction with the hysteresis plots of Figs. 3-20 and 3-21 it
provides some collaborative evidence of when hysteretic energy dissipation
began to occur. Hysteretic energy dissipation is seen in Fig. 3-20 on run
three and significant yielding is seen on Fig. 3-54 on run three.

Measured tensile strain envelopes for cross ties and perimeter ties are
shown in Figs. 3-65 and 3-56. Strain history for gage twenty-four, located
on a perimeter tie at 660 mm above the footing, is shown in Fig. 3-57. The
plot shows that this bar remained well below yielding prior to failure of the
column. Perimeter and cross tie bar strains plotted as a function of peak
effective table acceleration are shown in Figs. 3-58 through 3-61. The
retrofitted specimen had generally lower strains in the lateral reinforcement
than the as-built specimen especially at large accelerations. This trend will
be discussed further in section 4.4. Also, the slippage observed in the
cross ties of specimen FA was not observed in the cross ties of specimen
FR. The cross ties registered strains comparable to the perimeter ties and
there was no lag in strains. In some cases, the cross ties registered higher
strains than the perimeter ties. [t appeared that the added confinement
provided by the steel jacket prevented slippage. The constraint provided to

27



the core concrete may have been sufficient to prevent the deterioration
that caused cross tie slippage in FA.

- Measured horizontal tensile strain envelopes along the height of the
jacket are shown in Figs. 3-62 through 3-65. Measured vertical tensile
strain envefopes are shown in Figs. 3-66 and 3-67. The jacket remained
essentially elastic prior to failure, with the exception of one area of localized
vielding slightly above the gap. Strain gage thirty-six, a horizontal gage
located 76 mm above the top of the gap, registered strains that were 148
percent of yield.

3.5.5 Curvatures

The curvature envelopes along the height of the column are shown in
Fig. 3-68. They represent the average curvature along the span being
measured and not necessarily the curvature at that location. Initially, the
greatest curvatures were seen in the 483-584 mm span, which spanned the
gap in the jacket. First yielding was observed during run two and the
curvature envelope began to show a curvature concentration in the span
including the gap. This indicates the initiation of plastic hinging at the gap.
After run seven, the curvatures of the 0-152 mm span slightly surpassed
those of the 483-584 mm span. This was because one of the novotechnik
transducers spanning the jacket gap exceeded its limit. Visual inspection
during the course of testing clearly indicated more curvature at the gap than
that at the base. The high degree of curvature observed in the 0-152 mm
span of the column can be attributed to the 19 mm gap in the jacket at the
base of the column (Fig. 2-3). Because there was a gap in the jacket, there
was no increased section size and no composite action with the jacket as
there was with other sections where the jacket was continuous. Also, the
base of the column was under the greatest flexural demand because it had
the largest moment arm to the point of loading. The added confinement of
the jacket allowed the section to reach high curvatures without failure.

3.6 Concluding Remarks

The placement of the steel jacket retrofit significantly altered the
seismic response of the column. It drastically reduced tie strains as well as
changing the mode of failure. In the as-built specimen, four ties yielded
prior to failure. In the retrofitted specimen, no ties yielded prior to failure.
Upon failure of the column, some yielding of ties did occur. But this was
after the column had lost over twenty percent of its lateral Joad capacity
and the fracture of all longitudinal bars on one half of the column and a
large flexural crack made half of the column discontinuous in the
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longitudinal direction {Fig. 3-39). After that, the shear forces had 1o be
transferred through half of the column concrete and half as many
longitudinal bars. Consequently, the transverse steel in the vicinity of the
gap registered a jump in strains. The mode of failure in the as-built
specimen could be characterized as flexure-shear. Longitudinal bars buckied
and fractured due to low-cycle fatigue and there was extensive yielding of
the ties. In the retrofitted specimen bar buckling was prevented by the
added confinement of the jacket. Longitudinal bars fractured on the tension
side of the column.

Spalling of concrete was weli-spread in the as-built column, whereas
spalling in the retrofitted specimen was confined to the vicinity of the gap.
Insofar as spalling is indicative of plastic hinging, the hinging in the
retrofitted specimen was confined to a relatively small area in the vicinity of
the gap. It is evident that the placement of the retrofit decreased the
length of damage, and did not allow the spread of plastic hinging.

The placement of the steel jacket did seem to significantly affect the
displacement ductility of the column calculated as the ultimate displacement
divided by the yield displacement. The displacements were those that were
coincident to the peak forces (see Figs. 3-22 and 3-49) for each run. The
ultimate displacement was taken as the displacement corresponding to the
run that had a peak lateral load that had dropped by at least twenty percent
of the peak lateral load for all runs. This was run seven for specimen FA.
For specimen FR, the lateral load had dropped by nearly ten percent for run
nine and twenty-two percent for run ten. However, the displacement
coincident to the peak force for run ten was less than that for run nine.
Since the column had already reached the displacement of run nine without
losing enough lateral load capacity to consider the column failed, the
disptacement of run nine was considered a conservative estimate of the
ultimate displacement. The vield displacement was taken as the
displacement associated with the peak tateral force of the run in which
onset of significant yielding occurred. This was run two for both specimen
FA and specimen FR. According to this method, the displacement ductility
for specimen FA was 6.0 and the displacement ductility of specimen FR
was 9.7.

The resuits of this study (the comparison between the as-built and
retrofitted specimens) generally support and collaborate the results of the
static tests. For the as-built specimens, HS® and FA, it was shown that
when all or a high percentage of the main reinforcement is placed along the
flare, the plastic hinge may form along the flare at a section which does
not necessarily coincide with the location of maximum bending moment.
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This is due to the fact that parabolic flares increase the effective depth of
the flare reinforcement at a rate that is higher than the rate of moment
increase. Also, as evidenced by longitudinal bar buckling and yielding of
ties, the confinement and shear steel of the as-built specimens was
inadequate.  For the retrofitted specimens, R-HS® and FR, it was
demonstrated that the retrofit provided the necessary shear capacity to
avoid shear failure. The maximum hoop strains in the steel jacket were
significantly below yielding, indicating that there was an acceptable reserve
of shear capacity. Also, the retrofit drastically reduced strains in the
column transverse reinforcement when compared to the as-built results
{refer to section 4.4). In addition, in both static and dynamic tests the
retrofit appeared to have prevented or delayed longitudina! bar buckling as
well as prevented spread of plastic hinging. Longer plastic hinge lengths
can help spread energy dissipation over a larger area. However, repair of
long plastic hinges is more costly. The steel ‘jacket retrofit allowed for
sufficient energy -dissipation while preventing spread of damage.

In contrast to the static tests, the dynamic loading seems to have
affected the shear response more adversely than the slow cyclic loading.
Shear cracks were more pronounced and more widely distributed. In
addition, yielding of ties in the statically-tested specimen was limited to the
plastic hinge region. In the dynamically-tested specimen, yielding was more
spread along the length of the column. The primary factor for the
difference between the response of HS and FA is believed to be the
differences in the loading histories that the two specimens experienced. A
detailed study of the reasons for the difference in the static and dynamic
behavior is beyond the scope of the current study.
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Chapter 4

Analysis of Test Results
4.1 Introductory Remarks

This chapter presents the analytical procedures and results for
specimens FA and FR. The objectives of this chapter are to describe: 1) the
evaluation of the validity of the analytical procedures by comparing the
calculated results to the measured data, and 2) the assessment of the
effect of the steel jacket retrofit by comparing experimental data from the
two specimens.

Various aspects of column behavior are analyzed in this chapter. A
discussion of the effect of variation of the measured axial load on the axiai
load-moment interaction diagrams is included. A moment-curvature
analysis of several sections along the height of the column is also included.
Lateral - load-deflection relationships are calculated and plotted against
measured values, Calculated displacement histories and hysteretic
responses are compared with the recorded measurements. Also, a shear
analysis using various methods of calculating shear capacity is presented
and compared to shear demands recorded during testing.

Finally, the effect of the steel jacket is evaluated by comparing
experimental data, including tie bar strains and other aspects of column
behavior, observed in FA and FR during testing

Some prefatory remarks about 1he strain rates observed during
testing are included for the purpose of improving the analysis.

4.2 Analysis of Specimen FA
4.2.1 Effect of Strain Rate

Tabie 4-1 shows the measured peak strain rates and the
corresponding increases in material strength for the pre-yield run, the yield
run, and the run that included the peak lateral force for all runs. Strain
rates were calculated as the slope of the strain history diagram for the
extreme longitudinal bar at a location near the hinge. The correlation of
strain rate and increase in material strength came from empirical data
presented in references 15 through 17. The maximum strain rate recorded
for pre-yield and vyield runs was 0.012 sec' and 0.019 sec”, respectively.
Strain rates were relatively low and the increase in steel yield for the pre-
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yield and yield runs was below four percent. The increase in concrete
strength was below fifteen percent for the pre-yield and yield runs. The
peak strain rate recorded during the run of peak lateral load {run four) was
0.085 sec'. The increase in concrete strength at that instant was twenty
percent. Because the impact of the increased strain rates was relatively
smail on the overall behavior of the column, especially prior to yield, and
the impact of concrete overstrength was minimal compared to that of steel,
it was deemed acceptable to use measured material properties in
calculations. Values for material strengths were taken directly from tension
tests on the steel, and compression tests on the concrete (Tables 2-1 and
2-2, respectively).

4.2.2 Effect of Axial Load Variation

Because the accumulator in the hydraulic line connected to the
actuators that applied the axial load was not sufficiently responsive to rapid
changes in displacements, there was axial load fluctuation during testing.
The target axial load was 286.9 kN. However, the axial load varied
between a minimum of 155.7 kN (during run seven) and a maximum of
453.7 kN (during run five) {Fig. 3-16). The axial load-moment interaction
diagram was calculated for the critical section {635 mm above the footing)
to determine the effect of a varying axial load {Figs. 4-1 and 4-2}). The
location of the critical section was determined using measured material
properties according to the method described in section 4.2.3.1. Figure 4-1
shows the complete interaction diagram with the recorded range of axial
loads indicated. Figure 4-2 covers the range of axial load recorded during
testing {with the target axial load indicated). The peak axial load recorded
during testing led to a five percent increase in moment capacity, as
compared to the moment capacity corresponding to the target axial load.
The minimum axial load recorded corresponded to a four-and-a-half percent
decrease in moment capacity. Considering the fact that the maximum
discrepancy from target axial load did not occur on every run and that the
effect on moment capacity and ultimate deflection was small (five percent
or less}, the variation was deemed negligible and all the subsequent -
calculations were done assuming target axial load.

4.2.3 Load-Deflection Envelopes
4.2.3.1 Analytical Methods

The total lateral deflection at the center of loading was calculated as
the sum of deflections due to flexure, shear, and bond slip, represented by:
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Atnt = Ailex + Alh + Abs : (4-1)

where:
Aror = total deflection,
Anex = deflection due to flexure,
Ash = deflection due to shear
Abs = deflection due to bond slip.

Each component of the deflection was calculated independently and then
combined according to Eq. 4-1. The components of the calculated lateral
deflections for specimen FA, according to Eq. 4-1, at yield and ultimate, are
shown in Table 4-2 .

Flexural Deflection

Since the flexural capacity varied along the height of the column,
determination of the critical section and the associated yield and uiltimate
forces necessitated the evaluation of the theoretical moment-curvature
relationships at different cross-sections (Fig. 4-3). No overstrength effect
due to strain rate was included. As expected, the smaller sections toward
the top of the column had lower flexural capacities and were more ductile
as evidenced by higher ultimate curvatures. As the cross-sectional area of
the column became smaller toward the top of the column, the level of
confinement became greater. This is because the same amount of lateral
steel was confining a lessening amount of core concrete. Higher levels of
confinement allowed greater uitimate curvatures to be reached.

For analysis, the confined concrete properties were calculated
according to the modified Mander et al. model'® using measured,
unconfined material properties {Table 2-2). A trilinear model, based on the
measured properties, was used for steel (Table 2-1). The computer
program RCMC® was used to calculate moment-curvature relationships.
The moment-curvature relationships were developed for an axial load of
286.9 kN, which was the target value. '

The critical section was determined by constructing a flexural
capacity profile along the height of the column based on flexural capacities
determined from the RCMC analysis (Fig. 4-4). Next, a flexure demand
profile along the height of the column (assuming fixed connection at bottom
and pinned connection at top) was found until it was tangent to the
capacity profile. The point of tangency was the critical section and the
yield and ultimate loads corresponding to that critical section were the yield
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and ultimate loads of the column. The critical section was found to be at
635 mm above the footing. Figure 4-5 shows the theoretical moment-
curvature relationship for the critical section. The middle curve is for the
target axial load and the upper and lower bound curves correspond to the
maximum and minimum axial loads measured during testing, respectively.
In calculating the flexural behavior of this section, the two layers of
longitudinal bars that terminated at 800 mm above the footing (see Fig. 2-
2) were negiected due to insufficient development length. From this plot, it
can be observed that flexural capacity is directly proportional to the applied
axial load and that ductility (maximum curvature) varies inversely with the
applied axial load. The assumed yield point is shown on the curve. The
yield moments corresponding to the minimum and maximum axial ioads are
within eight percent of the assumed yield moment. The ultimate moments
cbrresponding to the maximum and minimum axial loads are within five

percent of the of the assumed ultimate moment and the ultimate curvatures
are within ten percent.

The flexural deflection, Arnex, at the top of the column was calculated
using the moment area theorem as follows:

{
Anex = j' ¢ xdx (4'2)
1]
where:
0} = curvature
X = vertical distance to the center of lateral load

length of specimen from the top of the footing to center of
lateral load.

This is the static moment of the area under the curvature profile taken
about the column free end.

The curvature profiles along the column height were constructed by
dividing the column into ten segments. For a given lateral load, the bending
moments were evaluated at the ends of each segment. The corresponding
~ curvatures were obtained from the calculated moment-curvature
relationships (Fig. 4-3). The curvature profile along the height of each
segment was assumed to vary linearly between the curvature values at the
segment ends. Thus, the curvature profile of each segment represented a
trapezoidal shape. The theoretical curvatures along the column height, for
vield and ultimate loads, are shown in Figs. 4-6 and 4-7.
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Shear Deflection

Thin shear cracks introduce added flexibility into the system that
cannot be accounted for in equations that assume uncracked members.
Shear deflections were found according to the shear stiffness equation
developed by Park and Paulay'® using a truss analogy. For assumed 45°
shear cracks, the shear stiffness may be expressed as:

Kvas = 2 __  E.bwd (4-3)
1+4npe
where:
Kvas = shear stiffness for an element with unit length
Es = elastic modulus of shear reinforcement
bw = section width perpendicular to applied shear
d = effective section depth parallel to applied shear
n = Es/Ec {modular ratio)
E. = elastic modulus of concrete
pv = Av/sbw (shear reinforcement ratio}
Av = area of shear reinforcement
s = spacing of shear reinforcement along tongitudinal axis

This expression is empirical and includes the effects of shear cracks
throughout the member.

Having the shear stiffness along the height, the total shear defiection,
A=, would be:

Awn = Zm { = ] (4-4)

where m is the total number of column segments with different shear
stiffnesses, and L and (Kv.ash are the length and stiffness of segment i,
respectively.

Bond Slip Deflection

For the moment connection at the column-footing interface of the
model, longitudinal bars must be sufficiently developed. Strains associated
with stresses along tensile bar development length create additional
elongation of the tensile bar at the connection interface. To calculate
deflections due to bond slip, the method developed by Wehbe® was used.
The method is based on compatibility and equilibrium of the tensile bars.

35



The method is applicable to reinforced concrete connections with adequate
anchorage. The deformation due to bond slip, Ass, can be found as

Aes = BsL (4-5)
where:
O« = bond slip rotation at the pivot point, normally the base
L = specimen length from the footing to center of loading

The bond slip rotation, 6., is calculated as the longitudinal bar
extension of the extreme tensile bar, divided by the distance to the neutral
axis. The distance to the neutral axis is determined from the moment-
curvature analysis at the base of the member. .

To determine the bar extension, the bond stress of reinforcing bars in
tension is considered. From the 1963 American Concrete Institute code®,
the bond stress can be determined as:

. W (MPa) | (4-6)
ds
. where:
u = bond stress
e = concrete compressive strength, MPa
do = longitudinal bar diameter

For cases where the calculated steel strain is less than or equal to
strain at strain hardening, the development length is:

fids :
| = (4-7)
4u
where:
{ = development length of extreme tensile reinforcement
fe = calculated steel stress in extreme tensile reinforcement
The bar extension is determined as
| &l 4-8
ol = 2 (4-8)

where :
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ol = bar extension of extreme tensile reinforcement
& = steel strain in extreme tensile reinforcement, determined
from moment-curvature analysis

For cases where the strain is greater than the strain hardening, the
development lengths can be found from:

(fs‘fy)dh ,
h = 4u {4-9)
Iy = fydo (4-10}
4u
and the bar extension is determined from:
5l = €v12+(&'+€1')11 4-11)

2 2
4.2.3.2 Results

The calculated load-deflection diagrams are shown in Figs. 4-8 and 4-
9. Figure 4-8 is from a moment-curvature analysis using the program
RCMCP®, Figure 4-9 is from the non-linear dynamic simulation program RC-
Shake?. The load-deflection relationship observed during testing is indicated
on each of the graphs as a series of dots corresponding to runs one through
six. Measured forces are the total peak forces (including geometrical
effects of the mass rig, refer to section 3.4.2) and the corresponding
displacements are the displacements that occur at the time the peak forces
are recorded during different runs.

RCMC®

The calculated bilinear load-deflection diagram, based on a moment-
curvature analysis, for specimen FA is shown in Fig. 4-8. This relationship
was calculated according to Eq. 4-1, described above, for the loads
corresponding to yield and ultimate curvatures of the critical section. The
method for determining the critical section and the corresponding yield and
ultimate loads is described in section 4.2.2.1.

The bilinear load-deflection diagram based on yield and ultimate
points from the program RCMCS® (Fig. 4-8) shows a very good correlation to
experimental observations. The peak calculated lateral load was within
three percent of the peak measured lateral load. And although the
theoretical relationship was bilinear and the measured relationship was
curvilinear, the calculated yield and ultimate points fell very close to the
measured curve.
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RC-Shake?

The load-deflection diagram based on the non-linear dynamic
simulation program RC-Shake® is shown in Fig. 4-9. The load-defiection
relationship calculated from the RC-Shake® model (Fig. 4-9) showed véry
good correlation with the measured data for the early runs prior to the
development of the permanent offset at the top of the column. As the
offset increased, the measured displacement grew further from the
calculated displacement; the RC-Shake® model did not predict the
permanent offset to be as large as was observed during testing. The
correlation between calculated and measured lateral loads corresponding to
each run was very close.

4.2.4 Displacement Histories

The response of the column was calculated using the computer
program RC-Shake®. This program is for nonlinear response history analysis
of single-degree-of-freedom systems subjected to ground motion. A lumped
rotational spring accounts for flexibility of the system. The hysteretic
response of the spring is represented by the Q-Hyst model® which accounts
for stiffness degradation of reinforced concrete members.

The calculated displacement histories for each run, using program RC-
Shake®, are shown superimposed on measured displacement histories in
Figs. 4-10 through 4-12. Characteristics of the column that are used as
parameters in the RC-Shake analysis include: elastic stiffness, plastic
‘stiffness, yield deflection and damping. The elastic and plastic stiffnesses
and vyield deflection were taken from the load-displacement relationship
described in section 4.2.3. The critical damping ratio used was two
percent, a common assumption for member design. The input motions
were the achieved acceleration records shown in Figs. 3-6 and 3-6. These
records were spliced together in the analysis.

Generally, the displacements calculated using the RC-Shake® model
showed very good correlation with measured displacements relative to the
original datum position {at the beginning of each run). However, as the
permanent offset at the top of the column increased during testing, the
calculated displacement history deviated from the measured displacement
history. The amount of the offset between calculated and measured
displacements was roughly equal to the amount of permanent offset
recorded during testing. in other words, the displacement history
calculated using the RC-Shake® model showed very good correlation to the
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measured displacement history except for the permanent offset at the top
of the column observed during 1esting.

4.2.5 Hysteresis Loops

A comparison of measured and calculated hysteresis loops, for
selected runs (three and six) are shown in Figs. 4-13 through 4-16. RC-
Shake® was used to model the hysteretic behavior of the column. See
section 4.2.3 for more details. Figure 4-13 shows the measured hysteresis
loop for run three and Fig. 4-14 shows the calculated hysteresis loop for
the same run. Run three was selected because it was the first run in which
significant hysteretic energy dissipation was observed. As was seen in the
load-deflection diagram {Fig. 4-4) and the displacement histories (Figs. 4-10
through 4-12), the measured and calculated loads were rather closely
correlated for the RC-Shake® model but displacements were off by an
amount roughly equal to the measured offset from datum at the column
top. This effect was more pronounced in the hysteresis foops for run six
(Figs. 4-15 and 4-16) because the offset was more severe.

4.2.6 Shear Capacity

The shear capacity, Va, of the test specimen was analyzed using two
of the most commonly used methods: the CALTRANS'?, and the Federal
Highways Administration (FHWA)"?, and an additional method, the Modified
CALTRANS developed by Wehbe, et al®. :

Previous studies?’?2 have shown that when plastic hinging occurs,
the concrete shear capacity in the plastic hinge region is reduced due to the
deterioration of concrete under inelastic cyclic loading. Although the shear
capacity varied along the height of the column, the most severe
deterioration in the core concrete was - assumed to occur at the critical
section which was at 635 mm above the footing. The shear capacity of
this section using different methods is presented in Table 4-4. Shear
demand was considered at the peak lateral force recorded during testing.

The provisions of the CALTRANS' method are as follows:

Vo = Ve + Vs (4-12)
where:
Ve - concrete nominal shear capacity
Vs = steel nominal shear capacity
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Vs is given by
Vs = B for ties and cross ties (4-13)
Vs = T ASD for spiral reinforcement (4-14)
2 ) -
where:
A. = area of shear reinforcement
fy = yield strength of shear reinforcement
d = distance from extreme concrete compression fiber to the
centroid of tension reinforcement, generally taken as 80% o
of the total depth of the section
D’ = diameter of concrete within the spiral measured to the spiral
bar center
s = spacing of shear reinforcement in the direction parallel to

main reinforcement

The method used by CALTRANS relates Vc to the confinement level,
the attained ductility ratio, and the applied axial ioad as follows:

Ve = (F1){F2 ) e Ae < 0.028 A. (MPa) {4-15)
where:
Fi = factor that depends on the level of confinement and the

disptacement ductility. F1 can be found according to Eq.
4-16 but need not be less than 0.3

F2 = factor that depends on the applied compressive axial stress.
It ranges from 1.0 for zero axial stress to 1.5 for a
compressive stress of 6.90 MPa

A. = effective concrete area which is equal to 80% of the gross
cross-sectional area of the column

F1 can be found according to the following equation:

Fi = P'fr + 3.67-u,<3.0 (MPa) (4-16)
1.03
where:
fy = vyield strength of transverse reinforcement

volume of transverse reinforcement

e

volume of core concrete
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The FHWA'? method is an adaptation of the method proposed by
Priestley et al.?® except that the FHWA method employs a simplified term
for the shear capacity component provided by arch action. The provisions
of the FHWA method are as follows:

Shear resistance is provided by three components:

Vo= Ve + Vi + Vp (4-17)
where:
Ve = shear force carried by concrete
Vi = shear force carried by truss action (lateral reinforcement)
Ve = lateral component of compression strut in the coiumn due io

the applied axial load (arch action)

In this model, the shear capacity of concrete at the critical section
depends on the displacement ductility and can be obtained as follows :

Ve = Voo = k‘Jch. A. {4-18)

where:

I

Ae 80% of the gross cross-sectional area

k = 0.29 in MPa units when ps < 2, and 0.1 when p, 2 4.
Linear interpolation is used for displacement ductilities
between 2 and 4.

The equations for the shear resistance provided by truss mechanism
are similar to the CALTRANS equations but modified by a factor to reflect
the inclination of the shear cracks. Thus, V: is evaluated as follows:

ASD'
Y

AJfd
§

Vi cotf for ties and cross ties (4-19)

Ve = -125 cotd for spiral reinforcement (4-20)

Priestley recommends a value of 30° for 6 whereas CALTRANS
equations are based on a more conservative shear crack inclination of 45°
as suggested by the ACI** code.

The shear resistance due to arch action, Ve, in the Priestiey method

is found from geometrical consideration of the compression strut that forms
between the flexural compression at the top and bottom of the column.
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For simplification, in the FHWA method it is recommended that V, be taken
as 20% of the applied axial load.

The modified CALTRANS method® developed by Wehbe applies to
non-circular reinforced concrete columns. The shear capacity according to
the modified CALTRANS method can be calculated as follows: |

Vo = V: + Vs + Vp o (4‘21)

where Vp is 20 percent of the applied axial load and V. and V. are according
to the CALTRANS equations (Eqs. 4-13 and 4-15) as follows:

V. — Avfyd (4_1 3,
§
Ve = (FI{F2 }WF: Ae £0.028 A. (MPa) (4-15)

The parameters in Egs. 4-13 and 4-15 are as described above in the
CALTRANS method.

These methods were developed for prismatic columns in which the
longitudinal bars are perpendicular to the direction of shear and therefore
have no component of force in the direction of shear. For columns with
structural flares, the longitudinal steel is not strictly perpendicular to the
direction of shear. The longitudinal steel is slightly inclined with respect to
the vertical. Therefore, the shear capacity of columns with structural flares
has an added term which is the component of the longitudinal steel force.
This term is referred to as Vi. A steel stress of 1.1f, was assumed in order
to calculate the force in the longitudinal bars. Five extreme bars were
considered to be in tension and the component of the force of these bars in
the direction of shear was calculated as Vi. This force was 39.1 kN. This
value was simply added to the shear capacity calculated using each of the
methods described above and reported in Table 4-4.

The data presented in chapter 3 showed that the failure mode for FA
was flexure/shear, and that the shear capacity of the column was reached.
The measured shear, therefore, was used to evaluate the adequacy of
different shear design methods.

The F:1 value from Eq. 4-16, used in the CALTRANS and modified
CALTRANS methods was calculated for a displacement ductility ratio of
6.0. The same ratio was used to obtain the k value in Eq. 4-18 of the
FHWA method although there is no differentiation for displacement
ductilities above six. The calculated shear capacities for the FHWA method
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and the modified CALTRANS method were greater than the shear demand
(Table 4-4), however, the CALTRANS method indicated that the shear
capacity was exceeded by the shear demand. In fact, during testing wide
shear cracks were observed and the ties yielded, but the failure could not
be classified solely as one of shear. Table 4-4 indicates that the
CALTRANS method for calculating the shear capacity is more conservative
than that recommended by FHWA. For instance, when the minimum shear
capacity at the critical section is considered, the calculated shear capacity
using the FHWA method and the suggested 30° shear crack inclination, is
more than twice the calculated shear capacity using the CALTRANS
method.

Shear demand exceed calculated shear capacity by 38 kN according
to the CALTRANS method. Shear capacity exceeded shear demand by 68
kN and 189 kN for the FHWA method considering shear crack inclinations
of 45 and 30 degrees, respectively. The shear capacity calculated
according to the modified CALTRANS method came closest to the
measured shear demand on the column. According to the modified
CALTRANS method, the shear capacity exceeded the shear demand by only
19 kN.

4.3 Analysis of Specimen FR

4.3.1 Effect of Strain Bate

Table 4-1 shows the measured peak strain rates and the
corresponding increases in material strength for the pre-yield run, the yield
run, and the run that included the peak lateral force for ail runs. The
correlation of strain rate and increase in material strength came from
empirical data presented in references 15 through 17. The maximum strain
rate recorded for pre-yield and yield runs was 0.011 sec’' and 0.017 sec’’,
respectively. Strain rates were relatively low and the increase in steel yield
for the pre-yield and yield runs was below four percent. The increase in
concrete strength was below fifteen percent for the pre-yield and yield
runs. The peak strain rate recorded during the run of peak lateral load (run
six) was 0.071 sec’. The increase in concrete strength at that instant was
eighteen percent. Because the impact on overall column behavior was
small, especially prior to vield, it was deemed acceptable to use measured
material properties in calculations. Values for material strengths were taken
directly from tension tests on the steel, and compression tests on the
concrete (Tables 2-1 and 2-2, respectively).
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4.3.2 Effect of Axial Load Variation

As was seen during the testing of specimen FA, the accumulator in

the hydraulic line was not sufficiently responsive and an axial load
" fluctuation was observed during testing of specimen FR. The target axial
load was 286.9 kN. The measured variation was between 200.2 kN and
600.5 kN (both during run ten). Refer to Fig. 3-43 for the axial load history
of specimen FR. A macroscopic view of the axial load-moment interaction
diagram for the critical section (at the gap) of specimen FR is shown in Fig.
4-17. An enlarged view of the same diagram showing the range of axial
load observed during testing is shown in Fig. 4-18. The peak axial load
recorded during testing corresponded to an eight-and-a-half percent increase
in moment capacity, as compared to the target axial load. The minimum
axial load recorded during testing corresponded to a two-and-a-half percent
decrease in moment capacity. Considering the fact that the maximum
discrepancy from target axial load only occurred on the last run and that the
effect on moment capacity was relatively small, calculations were done
assuming the target axial load.

4.3.3 Load-Deflection Envelopes
4.3.3.1 Analytical Methods

The total lateral deflection at the center of loading was calculated as
the sum of deflections due to flexure, shear, and bond slip according to Eq.
4-1. The components of the calculated lateral deflections for specimen FR,
according to Eq. 4-1, at yield and ultimate, are shown in Table 4-3.

Flexural Deflection

As was the case with specimen FA, since the flexural capacity varied
along the height of the column, determination of the critical section and the
associated yield and ultimate forces necessitated the evaluation of the
theoretical moment-curvature relationships at different cross-sections (Fig.
4-19). Increased section sizes as well as added confinement, due to grout
and jacket were considered for all sections analyzed except the end
sections (0 mm and 1461 mm above the footing) and the section at the gap
{441 mm above the footing}. No section was added at these locations but
confinement was added due to the jacket. For the sections that included
added section due to grout and steel jacket, the jacket was modeled as
discrete longitudinal bars to account for composite action between jacket
and concrete. The actual area of the jacket was decreased by a factor to
account for the development length of the jacket. Table 4-6 shows the



effectiveness of the jacket at various locations along the height of the
jacket. In other words, the sections away from the ends of the jacket
(towards the middie of the jacket segments) were given more credit (in
terms of the area) for the composite action between column and jacket at
that section. The sections close to the ends of the jacket were given less
credit for composite action at that section. The logic is that the sections
toward the ends of the jacket do not have sufficient development length 1o
achieve full composite action. The aforementioned factor that was used to
adjust the area of jacket steel was the ratio of developed stress in the
jacket at a particular location (based on a 1.38 MPa bond stress between
jacket and grout)’ and the yield stress of the jacket. Because the measured
strains in the jacket indicated that a bond stress greater than 1.38 MPa was
achieved, this was a conservative factor that assured the contribution of
the jacket was not overestimated. As expected, the locations that included
added section as well as added confinement achieved greater flexural
capacities. However, the locations that did not have the added section, but
only had added confinement showed significant increases in ductility
(ultimate curvatures). This emphasizes the effect of good confinement on
the achievable ductility of a section. ‘

For analysis, the confined concrete properties were calculated
according to the modified Mander et al. model™ using measured,
unconfined material properties. A trilinear model, based on the measured
properties, was used for the steel of the reinforcing bars as well as the
jacket. The computer program RCMC® was used to calculate moment-
curvature relationships. Refer to Tables 2-1 and 2-2 for material properties.
From Table 2-1, the jacket stresses used in the analysis were the measured
values of 383 MPa for yield and 591 MPa for ultimate. The moment-
curvature relationships were developed for an axial load of 286.9 kN, which
was the target axial load.

The critical section was determined by constructing a flexural
capacity profile along the height of the column based on flexural capacities
determined from the RCMC analysis (Fig. 4-20). Next, a flexure demand
profile along the height of the column (assuming fixed connection at bottom
and pinned connection at top) was found until it was tangent to the
capacity profile. The point of tangency was the critical section and the
yield and ultimate loads corresponding to that critical section were the yield
and ultimate loads of the column idealized as a whole. As expected, the
critical section was found to be at the gap in the jacket (441 mm above the
footing). Figure 4-21 shows the theoretical moment-curvature relationship
for the critical section. The middle curve is for the target axial load and the
upper and lower bound curves correspond to the maximum and minimum
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axial loads measured during testing, respectively. In calculating the flexural
behavior of this section, the two layers of longitudinal bars that were
terminated at 633 mm above the footing (see Fig. 2-2) were neglected due
to insufficient development length. From Fig 4-21, it can be observed that
flexural capacity increases with increasing axial load and that ductility
{maximum curvature} varies inversely with the applied axial load. The
assumed vyield point is shown on the curve. The yield moments
corresponding to the minimum and maximum axial loads are within seven
percent of the assumed yield moment. The ultimate moments
corresponding to the maximum and minimum axial ioads are within eight-
and-a-half percent of the of the assumed ultimate moment and the uitimate
curvatures are within three percent.

The fiexural deflection, Anex, at the top of the column was calculated
using the moment area theorem (Eqg. 4-2).

Similar to the analysis of specimen FA, the curvature profiles along
the column height were constructed by dividing the column into ten
segments. For a given lateral load, the bending moments were evaluated at
the ends of each segment. The corresponding curvatures were obtained
from the theoretical moment-curvature relationships. The curvature profile
along the height of each segment was assumed to vary linearly between
the curvature values at the segment ends. Thus, the curvature profile of
each segment represented a trapezoidal shape. The theoretical curvatures
along the column height, for yield and ultimate toads, are shown in Figs. 4-
22 and 4-23.

Shear Deftlection

To account for the shear deformations, Egs. 4-3 and 4-4 presented in
section 4.2.2.2 were used. To account for the contribution of the jacket to
the shear stiffness, the shear reinforcement ratio in Eq. 4-3 was increased.
This equation includes the effects of shear cracks throughout the member.
Note in Table 4-3 that shear deformation accounted for twenty-one percent
and four percent of total displacement at yield and uitimate, respectively.

Bond Slip Deflection
To account for the elongation of the tensile bars at the column-

footing interface equations 4-5 through 4-11 were used. See section
4.2.2.3 for more explanation. Table 4-3 shows that bond s!ip deformation

accounted for five percent and one percent of total displacement at yield

and ultimate, respectively.
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4.3.3.2 Results _

Two calculated load-deflection relationships using RCMC® and RC-
Shake® are shown in Figs. 4-24 and 4-25 respectively. For comparison, the
measured load-deflection relationships are shown as a series of points on
each of these graphs. The points correspond to each of the runs one
through nine. Measured forces are the total peak forces (includirig
geometrical effects of the mass rig, refer to section 3.5.2) and the
corresponding displacements are those measured at the time the peak
forces occurred.

RCMC®

The calculated bilinear load-deflection diagram, based on a moment-
curvature analysis, for specimen FR is shown in Fig. 4-24. The two points
on this curve that were calculated were the yield and ultimate points that
corresponded to the yield and uitimate loads of the critical section. See
section 4.2.2.1 for the procedure to determine the critical section and the
corresponding yield and ultimate loads.

The bilinear load-deflection diagram, based on vyield and ultimate
points from the program RCMCP® (Fig. 4-24), shows a very good correlation
to experimental observations for the yield point. The yield point is on the
measured curve. The load corresponding to the ultimate point was very
close to the measured ultimate load (within one percent), however the
ultimate deflection was overestimated considerably.

RC-Shake®

The load-deflection diagram based on the non-linear dynamic
simulation program RC-Shake? is shown in Fig. 4-25. As was the case with
the specimen FA, the load-deflection relationship for specimen FR,
calculated from the RC-Shake’ model, showed high correlation to the
measured data for the early runs prior to the development of the permanent
offset at the top of the column. As the offset increased, the measured
displacement grew further from the calculated displacement; the RC-Shake®
model did not predict the permanent offset to be as large as was observed
during testing.

4.3.4 Displacement Histories
The response of the column was calculated using the computer

program RC-Shake®. This program for calculating nonlinear response history
analysis of single-degree-of-freedom systems is described in section 4.2.3.
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The calculated displacement histories for each run, using program RC-
Shake?, are shown superimposed on measured displacement histories in
Figs. 4-26 through 4-29. Characteristics of the column that are used as
parameters in the RC-Shake analysis include: elastic stiffness, plastic
stiffness, yield deflection and damping. The elastic and plastic stiffnesses
and yield deflection were taken from the load-displacement relationship
described above in section 4.3.2. The critical damping ratio used was two
percent. The input motions were the achleved acceleration records shown
in Figs. 3-b and 3-6.

For the pre-yield and yield runs {one and two) RC-Shake® significantly
overestimated the displacements. This is because the curvilinear load-
deflection diagram was modeled by a bilinear, elasto-plastic load-deflection
diagram. The slope of the elastic portion of the bilinear model was the
average slope of the initial portion of the curvilinear load-deflection diagram.
Therefore, prior to vyielding, the stiffness of the actual column was
significantly higher than that of the model. In addition, the damping of the
initially uncracked, unyielded column was greater than the assumed two
percent of the model. This was expected because the RC-Shake model is
designed to model non-linear behavior and is not a model for pre-yield
behavior. After yielding, the calculated displacement history correlated very
closely to the measured displacement history except for the permanent
offset at the column top. This was the same as was seen in specimen FA.
As the permanent offset at the top of the column grew, the offset between
the calculated and measured displacement histories grew by roughly an
equal amount. In summary, the displacement histories calculated using the
RC-Shake . model showed very good correlation with the measured
displacements for post-yield runs, except for the permanent offset observed
during testing.

4.3.5 Hysteresis Loops

A comparison of the measured and calcutated hysteresis loops, for
selected runs (three, six, and nine} are shown in Figs. 4-30 through 4-35.
RC-Shake® was used to model the hysteretic behavior of the column. See
section 4.3.3 for more details. Figure 4-30 shows the measured hysteresis
loop for run three and Fig. 4-31 shows the calculated hysteresis loop for
the same run. Run three was selected because it was the first run in which
significant hysteretic energy dissipation was observed. However, the RC-
Shake model did not correlate well with the hysteretic behavior observed
during run three. The RC-Shake model indicated some minimal hysteretic
energy dissipation beginning to occur, but the curves generally remained
very narrow and essentially elastic. As was seen in the load-deflection
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diagram (Fig. 4-20) and the displacement histories (Figs. 4-26 through 4-
29), measured and predicted loads were generally closely correlated for the
RC-Shake® model but displacements were off by an amount roughly equal to
the measured offset from datum at the column top. This effect is more
pronounced in the hysteresis loops for runs six and nine (Figs. 4-32
through 4-35) because the offset was more severe. The model for run six
showed wide hysteretic loops and significant energy dissipation, but
underestimated the measured peak force and displacement by twenty-four
and sixteen percent respectively. This may be an indication that the
stiffness of the actual column had been significantly degraded by this time.
The RC-Shake model! showed high correlation for the peak load of run nine.
It was within one percent of the peak measured load. However, the peak
displacement was underestimated by 46 mm, roughly equal to the
nermanent offset from datum at the column top at the beginning of run
nine which was 49 mm.

4.3.6 Shear Capacity

The shear capacity, Vn, of the test specimen was analyzed using two
of the most commonly used methods: the CALTRANS'®, and the Federal
Highways Administration (FHWA)'?, and an additional method, the Modified
CALTRANS developed by Wehbe et al®.

The most severe deterioration in the core concrete was assumed to
occur at the critical section which was at the gap in the jacket {441 mm
above the footing). The shear capacity of this section for the different
methods is presented in Table 4-5. Note that specimen FR failed in flexure
and that the shear capacity was not reached. Therefore, calculated shear
values were compared to an estimated shear capacity of the coiumn. The
estimated shear capacity was extrapolated from the peak measured lateral
load and a reserve capacity. The reserve capacity was based on average
tensile stresses attained in the lateral steel and average horizontal tensile
stresses attained in the jacket steel during the run of peak lateral load.
Average strains were obtained from recorded strain data in the vicinity of
the gap at 533 mm above the footing. These strains {667 microstrain for
ties and 643 microstrain for the jacket) were compared to measured yield
stresses and their reserve capacity in terms of shear applied to the column
was calculated. This extrapolated reserve capacity was added to the peak
measured lateral load to obtain the estimated shear capacity of the column.

The provisions of the CALTRANS method are outlined in Eqs. 4-12

through 4-16 in section 4.2.5. The provisions of the FHWA method are
outlined in Eqs. 4-17 through 4-20. The provisions of the modified
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CALTRANS method are shown in Egs. 4-12 through 4-15. The component
of the longitudinal bar forces in the direction of shear, Vi, was calculated as
described in section 4.2.6 for specimen FA. This force was 48.5 kN. Fi in
Eq. 4-16 and k in Eq. 4-18 were calculated for a displacement ductility of
9.7. For all of the methods the calculated shear capacity was greater than
the estimated shear capacity. This may have been due to an anomaly in
the stress pattern near the edges of the jacket. Recorded jacket stresses at
other locations farther away from the edges of the jacket were considerably
lower. For this reason, the estimated shear capacity of the column may
have been underestimated. The shear capacity calculated according to the
FHWA method with a crack inclination of 30 degrees was much more than
the shear capacity calculated according to the CALTRANS and modified
CALTRANS methods. The FHWA method using a crack inclination of 30
degrees gave a shear capacity comparable to the CALTRANS and modified
CALTRANS methods. The FHWA method has no factor that gives credit to
the concrete component of shear capacity for high levels of confinement
such as those seen in jacketed columns. Some of the added shear capacity
comes from the added confinement provided by the jacket. While the
CALTRANS and modified CALTRANS methods include the Fi factor of Eq.
4-15 that takes into account the level of confinement, the FHWA method
has no such factor. '

4.4 Effect of Steel Jacket

The retrofit appears to have prevented longitudinal bar buckling even
though specimen FR was subjected to larger forces and displacements than
specimen FA was. Bar fracture in the retrofitted specimen (FR) was
observed in fifteen bars on the tension side of the column (Fig. 3-38). They
failed due to low-cycle fatigue and no buckling was observed. All bar
fractures were within the gap section. In contrast, in the as-built specimen
{FA} bar fracture due to buckling was observed in three bars (Fig. 3-13).
No bars failed solely due to low-cycle fatigue, all bar fractures were
preceded by buckling. In addition, the critical section was shifted down to
the gap at 441 mm above the footing in FR. All bar fractures in FR were at
the gap. Bar fractures in FA weie at 394 mm, 419 mm, and 533 mm
. above the footing.

In specimen FR, the spalling and plastic hinging was confined to a
relatively small area in the vicinity of the gap in the steel jacket. The
placement of the jacket decreased the length of damage, and did not allow
the spread of plastic hinging. In contrasting the as-built and retrofitted
specimens, the plastic hinge lengths were different and the longitudinal bars
failed differently.
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The main effect of the jacket was that it increased the shear capacity
of the column. Fewer shear cracks were observed in the retrofitted
specimen, and the strains in the lateral reinforcement were significantly
decreased. This is shown in Figs. 4-36 through 4-43, in which the cross tie
and perimeter tie strains for FA and FR are plotted against the peak
effective table acceleration. These are the tie sets that are from 279 mm to
800 mm above the footing and cover the length of the plastic hinge zone.
From these figures, it is evident that the retrofitted specimen had generally
lower  strains in the lateral reinforcement than the as-built specimen
especially at large accelerations. The plots showing perimeter ties show
this trend much better than the plots showing the cross ties. This is
attributable to the slippage experienced by the cross ties in FA (see section
3.4.4). Due to bond slippage they did not develop the strains that would
normally have been expected.

The steel jacket remained nearly elastic. Aside from the localized.
strain measured near the gap in the retrofit, the maximum measured
horizontal strain was 22 percent of yield. As mentioned previously,
specimen FR had no ties yield prior to failure whereas in FA four ties yielded
prior to failure, and four ties fractured.

To evaluate the effect of the retrofit on the stiffness and other
characteristics of the load deflection diagram, the measured peak loads and
associated displacements for each run are plotted in Fig. 4-44, The
idealized elasto-plastic load-deflection diagrams are shown superimposed on
the same plot. It can be seen from the figure that the jacket changed the
initial stiffness somewhat. This is due to the increased section sizes
because of grout and jacket. Based on the point on Fig. 4-44 that
corresponds to run one, the initial stiffness increased by fifty-eight percent
for the retrofitted specimen as compared to the as-built. The initial
stiffness for FA was 10.83 kN/mm and the initial stiffness for FR was
17.17 kN/mm. Based on the yield point established by the idealized elasto-
plastic load-deflection diagram the initial stiffness increased by fifty-nine
percent. After yielding, the retrofitted specimen continued to increase in
lateral load, whereas the as-built specimen reached a maximum load quickly
after vielding. Also, it can be seen that the displacement ductility was
significantly altered by the retrofit. Based on the points of the measured
load-deflection diagram (Fig. 4-44) established by the peak loads and
associated deflections for each run, the disptacement ductilities were 6.0
and 9.7 for specimens FA and FR, respectively, as described in section 3.6.
This represented an increase of sixty-two percent. Based on the idealized
elasto-plastic load deflection diagrams of Fig. 4-44, the displacement
ductilities were 4.5 and 6.2 for specimens FA and FR, respectively. This
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represents an increase of thirty-eight percent. Both specimens began to
lose lateral load capacity at a deflection of about 75 mm.

The primary reason for the prevention of longitudinal bar buckling and
decrease in lateral steel strains in FR was the added confinement provided
by the jacket. To isolate and further evaluate the effect of the added
confinement, a moment-curvature analysis was done at the gap section
(Fig. 4-45). One curve represents the moment-curvature relationship for the
section at the gap considering the added confinement, the other neglects
the added confinement. Because the only difference between the two
curves is the added confinement of the jacket, changes in the moment-
curvature relationship may be attributed to the increase in confinement. It
can be seen from the plot that the initial stiffness of the section, prior to
vielding was unaltered by the added confinement. After yielding, the
inelastic slope of the section with added confinement was greater. The
most significant effect of the added confinement was the increase in
ductility of the section. Ultimate curvature of the section with increased
confinement was 150 percent greater than the section without added
confinement.

4.5 Concluding Remarks

As was shown in the presentation and analysis of the data, the steel
jacket was effective in preventing shear failure and improving the ductility
of the retrofitted column as compared to the as-built specimen. The retrofit
caused the initial stiffness to increase due to the added section provided by
the grout and jacket. Accompanying an increase in stiffness is an increase
in the seismic demand placed on the column. Stiffer members ‘attract’
more seismic forces. However, the jacket can be designed to resist the
added forces. The jacket was designed using FHWA'? provisions. The
satisfactory performance of the retrofit indicates that the FHWA retrofit
design method can lead to an improved seismic behavior under strong
earthquakes.
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Chapter 5

Summary and Conclusions

51 Summary

The primary objective of this study was to evaluate the seismic
performance of as-built, flared bridge columns from bridge 1-1250 located on
U.S. 395 in Reno, Nevada and a steel jacket retrofit of these columns.

Many reinforced concrete bridges in the western United States are
supported by columns with architectural or structural flares. Flared bridge
columns have been used in Nevada since the 1970’s. Recent studies®"#? of
columns with architectural flares that suffered shear failures in the 1994
Northridge earthquake concluded that architectural flares have adverse
effects on the seismic performance of bridge columns. Although structural
flares are also commonly used in bridge piers, there was a particular lack of
research assessing the vulnerability of such columns to high seismic loading.
In response, analytical studies®?* assessing the vulnerabilty of
columns with structural flares were conducted at the University of Nevada,
Reno. Four existing bridges, in northern Nevada, su?ported by parabolic
structural flares were studied. Experimental studies™ on verification and
remediation of the vulnerability to high seismic loads were conducted on two
flared column specimens from one of the prototype bridges. The columns
were subjected to static, cyclic loads. The selected bridge (I-1250) had
columns with the lowest shear capacity-to-demand ratio (most vulnerabie)
-among the analyzed prototypes. The columns of the selected prototype had
identical lateral steel but different longitudinal reinforcement. The specimens
represented the prototype columns with the hlghest and lowest longitudinal
steel ratios. These two tests'? showed the seismic performance of the
columns with the low steel ratio to be adequate. The test on the high steel
‘ratio columns raised concerns regarding the shear capacity and ductility.

This study was a continuation of the two previous static tests'?. The
columns with the high steel ratio were studied using a state-of-the-art shake
table at the University of Nevada, Reno. Two 30 percent scale specimens,
one representing the as-built details and one outfitted with a steel jacket
retrofit were constructed and tested. The steel jacket of the retrofitted
specimen incorporated an intermediate gap at a location that was chosen to
coincide with the hinge location providing maxamum ductility as indicated by
results that were verified in the previous static tests’. The two columns were
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subjected to the Sylmar record of the January 17, 1994 Northridge
earthquake The testing program consisted of muitiple motions with gradually
increasing intensity of shaking. Testing was performed in the strong direction
under nominally constant axial load. Test data, including forces,
displacements, strains, curvatures, and other aspects of behavior observed
during testing, were used to evaluate the performance of the specimens.

In addition to the experimental study, analytical studies were performed
to: 1) explain the behavior of the column observed during testing, 2) evaluate
the validity of the analytical procedures by comparing the calculated results to
the measured data, and 3) assess the effect of the steel jacket retrofit by
comparing experimental data from the two specimens. The analysis included:
estimating lateral load-deflection relationships, calcuiating displacement
histories and hysteretic responses, and performing a shear analysis using
various methods of calculating shear capacity.

Considering the experimental results, the steel jacket was effective in
preventing shear failure and improving the ductility of the retrofitted column as
compared to the as-built specimen. In addition, the satisfactory performance
of the retrofit indicated that the FHWA’ retrofit design method can lead to an
improved seismic behavior under large seismic loads.

5.2 Conclusions

From the testing and analysis of the specimens, the following
conclusions were made:

1. For columns with structural parabolic flares (majority of the longitudinal
steel is placed along the flare), the plastic hinge may form along the flare
at a section which does not necessarily coincide with the location of
maximum bending moment. This is due to the fact that parabolic flares
increase the effective depth of the flare reinforcement at a rate that is
higher than the rate of moment increase.

2. Flared columns with a majority of the longitudinal reinforcement placed
along the flare could fail in shear under large seismic loads. The
longitudinal bar buckling and yielding and fracture of ties observed in the
as-built specimen indicated that the confinement and shear steel was
inadequate in the prototype bridge.

3. It was demonstrated that the retrofit provided the necessary shear capacity
to avoid shear failure. The maximum hoop strains in the steel jacket were
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significantly below yielding, indicating that there was an acceptable reserve
of shear capacity.

. The retrofit drastically reduced stains in the column transverse
reinforcement especially at large accelerations. In the as-built specimen
there was extensive yielding of the ties. In addition, four ties yielded prior
to failure and four ties fractured upon failure. The as-built column failed
during earthquake Run 7 (Table 3.1). In the retrofitted specimen there was
no yielding of ties prior to failure and no fracture of ties upon failure. This
column failed during Run 10 (Table 3.1).

. The retrofit increased the dispiacement ductility. Based on the points of
the measured load-deflection envelopes, the displacement ductility was
increased by over sixty percent, from 6.0 to 9.7, for the retrofitted
specimen as compared to the as-built specimen. Based on the idealized
elasto-plastic load deflection envelopes, the calculated displacement
ductility was increased by thirty-eight percent, from 4.5 to 6.2. In addition,
increased ductility associated with shifting the gap in the steel jacket to the
location coinciding with the hinge location provudmg maximum ductility as
indicated by the results of previous static tests'* was verified. :

. The placement of the steel jacket retrofit significantly altered the seismic
response of the column. [t changed the mode of failure from flexure-shear
to one of pure flexure. In the as-built specimen, longitudinal bars buckled
and fractured due to low-cycle fatigue and there was extensive yielding of
ties. in the retrofitted specimen, even though the loads were much higher,
longitudinal bar buckling was prevented by the added confinement of the
jacket. The gap placed in the jacket was sufficiently small to prevent bar
buckling, instead longitudinal bars fractured on the tension side of the
column.

. The retrofit decreased the length of damage and did not allow the spread
of p!astic hinging. Hinging was well-spread in the as-built column, whereas
hinging in the retrofitted column was confined to a relatively small area in
the vicinity of the gap in the steel jacket. Longer plastic hinge lengths can
help spread energy dissipation over a larger area. However, repair of long
plastic hinges is more costly. The steel jacket retrofit allowed for sufficient
energy dissipation while preventing spread of damage.

. The retrofit increased the initial stiffness of the column by sixty percent and

increased column forces. However, the reserve capacity of the jacket was
more than adequate to resist the added forces.
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9. In contrast to the static tests, the dynamic loading seems to have affected
the shear response more adversely than the slow cyclic loading. Shear
cracks were more pronounced and more widely distributed. In addition,
yielding of ties under static loads was limited to the plastic hinge region,
whereas yielding of ties under the dynamic loads was more spread along
the length of the column.

10. The moment-area theoremn used in conjunction with a moment-curvature
analysis using the computer program RCMC' produced good results for
modeling the load-deflection diagram especially for the yield point.

11. The non-linear dynamic simulation program RC-Shake* produced good
results for modeling post-yield displacement histories. However, it did not
accurately model the progressively increasing permanent offset observed

.at the top of the column during testing. The model generally
underestimated measured peak loads.

12. The testing of the as-built specimen showed that the CALTRANS® method
for calculating the shear capacity of bridge columns that are not jacketed
tends to be conservative, generally underestimating the shear capacity.
On the other hand, the FHWA’ method appears to be unconservative
because it overestimates the shear capacity of the unjacketed columns.
Based on the experimental resuits, the modified CALTRANS method’
gives a reasonably accurate estimate of the shear capacity.

5.3 Recommendations

Based on the experimental and analytical results presented in this study,
the following recommendations are made:

1. Considering the poor seismic behavior and significant shear distress in the
as-built specimen, it is recommended that the shear capacity of the
prototype columns be increased.

2. The steel jacket retrofit with an intermediate gap showed good seismic
behavior and a substantial increase in ductility. Therefore, a jacket with a
gap is recommended for design. The presence of the gap is expected to
improve the seismic response in all flared columns that are likely to form
plastic hinges away from the column ends. Generally this situation is
encountered when the base of the column is detailed to behave as a
hinge. In flared columns with moment connections at both ends, plastic
hinges form at the ends, and a gap in the jacket is not recommended.
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In columns of Bridge 1250, the location of the gap when converted to the
full-scale dimensions of the prototype column would be at 1500 mm below the
superstructure soffit. The vertical gap length would be 100 mm.

3. Based on the satisfactory performance of the column with the steel jacket,
the FHWA” method for design of steel jackets is recommended for design.
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Table 2-1 Tensile Properties of Steel

Steel Yield Yield Ultimate Ultimate
Location Strain Stress (MPa) Strain Stress {(MPa}
Longitudinal 0.0023 459 0.15 716
Transverse 0.0022 447 .14 517
Jacket 0.0019 383 .16 591

Table 2-2 Measured Compressive Properties of Concrete

Concrete Compressive Strength (MPa)
Location 7-day 14-day 21-day 28-day FA FR
Test Day Test Day
Footin 22.2 28.9 36.5 421
Column 27.9 31.0 33.6 36.4 37.6 39.6
Grout - 65.0

Table 2-3 Testing Program

Run FA FR

A Quick ReleaselQuick Release
1 0.20 Scale | 0.20 Scale
2 0.40 Scale 0.40 Scale
B Quick Release]Quick Releas
3 0.75 Scale 0.75 Scaie
4 1.00 Scate 1.00 Scale
5 1.25 Scale 1.25 Scaie
6 1.50 Scale 1.50 Scaie
C Quick ReleaselQuick Release
7 1.75 Scale 1.75 Scale
8 N/A 2.00 Scale
9 N/A 2.25 Scale
10 N/A 2.50 Scale
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Table 3-4 Peak Strains (Specimen FA, longitudinal)

Run
1 ] 2 | 3 | a s | 8 | 7
Strain Gage Peak Lateral Force {(kN)
975 | 180.2 | 2553 | 262.9 | 254.1 | 243.3 | 200.4
Peak Strain {microstrain)
1 Tens.| 21539 41100 41100 41100 41100 41100 41100
Comp.| -3502 -4290 -3440 -2990 -1710 - -
2 1380 2300 5090 6040 13390 - -
-1030 -2130 -10300 -18200 -31200 | -41200 | -41200
3 1220 2010 6140 7040 41300 41300 41300
-842 -1650 -8350 -9650 -8960 -41300 | -41300
5 1230 2130 4860 6710 6390 6690 6730
-1070 -2030 -4700 -5460 -5910 -5650 -4840
6 1140 1900 3670 7480 6110 5370 41300
-915 -1640 -6240 -6020 -6170 -5180 -3200
7 1590 3630 9160 17900 25300 27700 34300
-654 -843 -1590 -1740 -7 -- --
8 1430 2450 4820 6130 6280 7220 _ 9750
-941 -1930 -5560 -6680 -7020 -7640 -6980
9 1100 1880 2700 5760 5460 1620 2060
-602 - -1240 -2290 -3100 -2410 -2740 --
10 1310 2850 8290 2350 40900 409200 40900
-678 -1070 -2320 -1300 -1150 -6790 -10
13 887 1480 2160 2690 2670 2770 2690
-506 -1240 -1920 -2140 -2120 -1970 -1570
14 1100 2450 7330 8750 10600 12600 15700
-285 -687 -761 -- -- - -
15 212 1510 2160 2560 2510 2570 2460
-368 -1010 -1510 -1600 -1560 -1470 -1220

* Gages 4, 11, and 12 malfunctioned
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Table 3-5 Peak Strains (Specimen FA, transverse)

Run
1 | 2 | 3 }| a s | 6 | 7
Strain Gage Peak Lateral Force {kN)
975 | 1802 | 255.3 | 262.9 | 254.1 | 243.3 | 2004
Peak Strain {microstrain)

16 Tens.| 147 55 764 1070 885 659 576
Comp. - '38 - == - - '494
17 1480 409 988 2030 2170 1620 | 41700
- - - - - - -7960
18 294 181 530 1380 1440 2150 | 41800
- -11 -15 -104 -119 -123 -27

19 618 588 576 1490 2180 2560 2370
20 218 179 578 773 866 820 694
21 420 420 924 1300 1300 2250 4010
23 425 446 1020 1510 1560 1900 5870
" - 922 .- - - -
24 315 202 1060 2640 3120 6800 | 41500
25 352 218 276 365 41500 | 41500 | 41500
- - - - -8580 | -8500 | -8490

26 387 304 759 887 558 478 901
- - -39 - - - -

27 329 234 712 1050 1190 1450 2140
28 226 176 297 769 1030 1180 | 41700
- - - - - - -5520

29 199 176 1030 546 467 439 294
- - -119 -345 -323 -250 -516

* Gage 22 malfunctioned
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Table 3-6 Peak Strains (Specimen FR, longitudinal)

Run
Stain | 1 | 2 | 3 | a | 5 | 6 | 7} 8] s | 10
Gage Peak Lateral Force {kN)
103.0]206.9] 289.1 ] 307.4 | 336.9 | 359.0] 350.1 | 339.5 | 334.8 | 284.7
Peak Strain {microstrain)
1 7ens.| 596 | 2859 | 12655] 14526 19869]19900|41413]41413| 41413 | 21413
Comp.]-1130}-1306| -1768|-1529| -287 | - | -784 | -4813|-41440{-41440
3 | 1350 | 2533 (10304 11292| 1178415209 16791| 18002 19148 | 41519
-301 | -701 [-1982|-2172|-2106 | -2433 | -2008 | -3456 | -4266 |-16719
5 | 917 | 1765 | 2093 | 2263 | 2238 | 2404 | 2537 | 2622 | 41088 | 41088
-204 | -496 [ -1090]-1283|-1696| -1823|-1873 | -1898 | -8665 | -9946
6 195 | 985 | 1480 | 1798 | 1827 | 2071 | 2214 | 2321 | 2446 | 41348
-724 | -938 |-1428|-1573}-1826 | -1990| -2024 | -2036 | -2067 | -1837
7 | 1320 2766 | 10388]10875( 15961 18419| 16780| 18308| 41827 | 41827
-616 |-1196] -817 | -881 | -758 [ -10056| -42 ~ | -1493| -3085
8 116 | 773 | 1259 | 2486 | 2261 | 2850 | 3082 | 3127 | 3092 | Z189
-825 | -1178| -1542 | -2467 | -3863 | -4835 | -6093 | -8538 |-12635|-41290
9 | 1040} 2139 | 2939 | 7363 | 7948 | 9615 | 8370 | 3852 | 3484 | 2850
-326 | -631 [ -1406 | -1683 | -3022 | -4981{ -3472 | -3074 | -2960 | -2492
13 | 882 | 1726 | 4699 | 7296 | 6936 | 8025 | 8679 | 9307 | 10147 | 10371
-434 | -902 | -2070| -2727 | -3552 | -4399 | -4826 | -5128 | -5289 | -24100

* Gages 2 and 4 malfunctioned
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Table 3-7 Peak Strains (Specimen FR, transverse)

Run

Strain| 1 | 2 | 3 | 4 | 5 | 6} 71 8| 9 ] 10
Gage Peak Lateral Force (kN) ‘
103.0| 206.9| 289.1 | 307.4 | 336.9| 359.0] 350.1] 339.5 | 334.8 | 284.7

Peak Strain {microstrain)

16 1| 231 | 783 | 1161 | 660 | 562 | 594 | 648 | 686 |41538]| 41538

c|l - — -- - - — - - | -seg7| -
17 94 | 158 | 103 | 2156 | 362 | 571 | 744 | 841 | 930 {41838

- - | -125 ) - - - - - - -
18 | 116 | 235 | 86 | 208 | 391 { 6535 { 719 | 817 | 950 | 1275

: - - .52 - - - - - - -
20 | 146 | 208 | 15 62 | 220 | 523 [ 812 | 1111 ] 1244 | 1260

- - -81 | -49 - - - - — -
21 | 700 | 447 | 700 | 763 | 827 | 890 | 953 | 1333 | 1840 | 2347
- | -187] - - - - - - - | -313
22 [ 209 | 420 | 469 | 599 | 715 | 866 | 875 | 889 | 987 |41763
23 | 240 | 501 | 785 | 1017 | 1283 | 15630 | 1645 | 1681 | 1673 | 1383
24 | 129 | 301 | 429 | 532 | 714 | 928 | 1072 [ 1160 | 1258 [ 41670
- - -7 - - - - - - | -8022

26 | 174 | 294 | 520 | 740 | 802 | 900 | 969 | 990 | 997 | 981
27 [ 102 | 195 | 206 | 236 | 185 | 49 13 6 13 [41402
- - 66 | -164 | -284 | -376 | -375 | -381 | -370 | -6672

* Gages 19 and 25 malfunctioned

71




Table 3-8 Peak Strains {Specimen FR, jacket)

Run
Strain 1 | 2 3| 4 | s | 6 | 7 | 8 9 10
Gage Peak Lateral Force (kN)
103.0] 206.9] 289.1 | 307.4 | 336.9] 359.0] 350.1| 339.5| 334.8 | 284.7
Peak Strain (microstrain)
30 1| 102 | 170 - - - 9 71 61 67 94
cf - —~ | -200] -207 | -173 | -132 | <122 | -97 | -67 | -198
-800 | -758 | -1037|-1025|-1080}-1104 | -1054 | -1021 | -1000 | -987
33 142 | 206 - 38 | 219 | 141 | 194 [ 216 | 260 | 313
-- — | -1a2 | -66 - -18 | -68 | -43 - -87
3¢ [ 220 | 508 | 188 | 400 | 603 | 523 | 462 | 474 | 498 | 728
- s -164 { -113 | -79 | -37 | -32 . - -
35 147 | 296 | 286 | 440 | 559 | 643 | 673 | 714 | 782 | 877
- — -76 | -37 — - -- - - -
36 44 1160 | 105 | 341 | 349 | 218 [ 833 [ 1193 | 2698 | 3124
-44 | -34 | -313 | -255 | -381 | -426 | -228 | -382 | -271 -
38 84 | 125 - - - - - - - -
-31 | -175 | -495 | -541 | -581 | -831 | -892 | -600 | -655 | -510
39 161 | 206 - - - -- - - - -
- |-220| -850 |-1015]-1314|-1660| -1401 [ -1548] -1753 ] -1994
40 - 84 - - 3 56 89 95 108 | 109
-33 - -171 | -144 } -123 | -93 | -657 | -41 -3 -27
41 130 | 264 [ M1 - 160 | 249 | 303 | 331 | 345 | 345
- - | -120| -87 - - - - - -
a4 129 | 320 | 199 | 249 | 287 | 295 | 330 | 330 | 334 | 374
- - -115 | -89 | -71 -30 —~ - -- -
45 136 | 256 | 52 100 | 136 | 258 | 381 [ 453 | 501 | 427
-- - -149 | -108 | -108 | -67 | -26 | -16 -- -
46 120 [ 240 | 79 156 | 199 | 277 | 317 | 325 | 358 | 40125
- -38 | -365 | -441 | -471 | -484 | -471 | -440 | -429 [-42134
47 113 | 285 | 189 | 275 | 300 | 363 | 377 | 405 | 421 | 445
-3 | -163 | -541 | -638 | -755 | -798 { -722 | -697 | -682 | -571
48 96 | 197 | 109 | 146 | 246 | 304 | 281 | 267 | 268 | 172
- -- 57 | -30 .- - - -- -- -10
50 105 | 163 | 25 95 | 206 | 358 | 398 | 391 | 421 | 307
-- - -109 | -82 | -3 | -11 - - - -
51 104 | 229 | 145 | 179 | 227 | 155 | 143 | 243 | 315 | 305
- - .92 | -71 | -84 | -31 - - - -
52 13 93 - - -- 71 - - - -
-21 — -263 | -237 { -236 | -202 | -191 | -237 [ -234 | -193
53 135 | 214 4 59 189 | 125 | 41 63 80 131
- - -140 | <141 | 121 | -80 | -24 - - -
54 64 | 170 - -- - 74 173 | 220 | 212 | 374
- - -375 | -424 | -502 | -545 | -424 | -358 | -360 | -100

* Gages 31 and 37 malfunctioned
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Table 4-1 Measured Peak Strain Rates and Corresponding
Increases in Material Strength

FA FR
Peak Increase in  Increase in Peak Increase in  Increase in
Strain Rate Steel Yield Conc. Strength|Strain Rate Steel Yield Conc. Swrength
Pre-Yield {Run1} .012 sec”’ 3% 14% 011 sec” 3% 14%
Yield (Run 2) .019 sec”’ 3% 14% 017 sec” 3% 14%
Peak Load .085 sec”’ 2% 20% 071sec’ 6% 18%

Table 4-2 Components Of Calculated Lateral Deflections
for Specimen FA (mm)

Flexure Shear Bond Slip Total
Yield (218.7 kN) 17.21 5.21 0.96 23.48
Uhimate {246.8 kN) 76.79 5.99 1.08 83.86

Table 4-3 Components Of Calculated Lateral Deflections .
for Specimen FR {mm)

Fle xure Shear Bond Slip Total
Yield {(262.0 kN) 18.34 5.40 1.19 24,92
Ultimate (360.0 kN)| 160.12 7.41 1.78 169.31
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Table 4-4 Shear Analysis of Specimen FA

Calculated
Method Shear Capacity (kN) | Vo /Vioae.
CALTRANS 224.6 0.85
FHWA (Theta = 45 deg.) 330.5 1.26
FHWA (Theta = 30 deg.} 451.9 1.72
Modified CALTRANS i 282.0 1.07
Measured Peak Lateral Force = 262.9 kN

Table 4-5 Shear Analysis of Specimen FR

Calculated
Method Shear Capacity (kN) Vcate./Vextrap.
CALTRANS 1442.3 1.38
FHWA (Theta = 45 deg.) 1318.4 1.26
FHWA (Theta = 30 deg.) 2057.3 1.97
Modified CALTRANS 149%8.7 1.43
Extrapolated Shear Capacity = 1046.3 kN
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Table 4-6 Effectiveness of Steel Jacket
as Longitudinal Reinforcement

Height Above Footing (mm] Effectiveness® (%)

101.6 1.17

177.8 2.52
279.4 1.8

533.4 1.08

635 2.52

800.1 4.86
939.8 6.83
1092.2 ' 4.9%
1244.6 2.79

® based on 200 psi bond stress for development
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Fig. 3-11 Specimen FA, Run 2, Cracking

Fig. 3-12 Specimen FA, Run 3, Spalling
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Fig. 3-14 Specimen FA, After Testing
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Fig. 3-18 Displacement History, Specimen FA, Runs 1-6
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Fig. 3-38 Specimen FR, Run 8, Spalling
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Fig. 3-39 Specimen FR, After Testing, Bar Fractures

Fig. 3-40 Specimen FR, After Testing, Jacket Removed
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After Testing, Jacket Removed
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Specimen FR
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Fig. 3-
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